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YUJING HOU
China Institute of Water Resources and Hydropower Research (IWHR), Beijing 100048, China

Many geotechnical centrifuge labs were set up those years in China with the development of economy and
civil works. However, some labs are lacking of professional planning and sometimes inconvenient for
application and operation due to the inexperienced design prior to the laboratory construction. This paper
presents the laboratory design principles, detailed considerations on the facilities and rooms for easy
centrifuge model tests, based on the experience of the Institute of Water Resources and Hydropower
Research (IWHR) centrifuge development and operation.

INTRODUCTION
Geotechnical centrifuge model testing has been widely recognized by researchers and applied in many
aspects relating to geotechnical engineering since the 1960s. About two decades later, China started to
develop several geo-centrifuges including the 450 g-t symmetrical beam centrifuge at the Institute of Water
Resources and Hydropower Research (IWHR) in Beijing. There would be about 30 geotechnical centrifuges
in China at the end of 2021 with the capacity ranging from 50 g-t to 1,000 g-t. Most of the geotechnical
centrifuge labs played an important role in the study, design and construction of many large scale civil
projects, and hydropower projects such as the 262 m height of core earth and rockfill dam in Nuozhadu, the
154 inclined core earth dam in Xiaolangdi, etc.
However, most of the labs are designed and constructed individually by inexperienced design companies.
Sometimes, the owners have little to no experience or ideas about the centrifuge laboratory construction
themselves. During the routine centrifuge operation, management and maintenance of the centrifuge
laboratory, several problems may appear, such as unsuitable laboratory layout, causing inconvenience for
model preparation and test, lack of area for model making and later development, uneven foundation
settlement or cracks in the building structures. Some laboratories do not give considerations on storing the
associate facilities and model materials, which result in them being left unsheltered in open air, leading to
rust and weathering problems.
Setting up a geotechnical centrifuge lab, especially for large scale ones, is a system work, comprising of
many different specialties in design, construction and operation, which need to be planned in advance. This
paper presents some of the experiences and considerations based on the operation of IWHR 450 g-t
centrifuge and the development of IWHR 1000 g-t geotechnical centrifuge laboratory.
BASIC DESIGN PRINCIPLES
The scale of the laboratory mainly depends on the size and number of the centrifuge equipment to be housed.
There is no international standard on the requirement of geotechnical centrifuge on its design, manufacture
and operation at present. The owner needs to decide the building scale, the centrifuge type and related
technique parameters, mainly based on their study topics, research direction and budget.
Generally there are two type of geotechnical centrifuges, the beam type and drum type. For beam type
centrifuge, there are symmetrical arms and unsymmetrical arms. The key technical parameters of the
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centrifuge are capacity, maximum acceleration and effective radius. Those three key parameters define the
size and scale of the centrifuge. Other parameters are also important to define a powerful centrifuge for
geotechnical experiment, including maximum payload, basket size, driving power, number of slipper rings
and communication channels, time duration to reach the maximum acceleration, speed control error,
maximum allowable unbalance torque, etc.
Although there is no standard type geotechnical centrifuge equipment in the world, manufacturers often
have their own series of products. Researchers like to choose the centrifuge capacity with a series of 100 gt, 200 g-t, 300 g-t, and so on. Some of the small centrifuge lower than 100 g-t may choose 50 g-t or 80 g-t.
The maximum acceleration has the series of 50 g, 100 g, 200 g, 300 g, etc. Some small centrifuges with
short radius may use higher acceleration, and bigger centrifuge often has maximum centrifuge acceleration
less than 200 g, because the machine with large radius and higher acceleration needs more driving power to
act against the wind resistance, and hence necessitating the need for greater budget to enhance structural
strength and security. The equipment’s system error for experiment depends on the length of the centrifuge
effective radius. Large scale centrifuges with effective radius of 5 m to 9 m have less test errors, while
medium scale centrifuges with the effective radius of 3 m to 5 m usually have a system error above 5% in
stress for a 1 m high model from its top to the bottom. There is no specific standard on the effective radius
for manufacturers in China, and mainly depends on the requirement of the users. Large radius above 9 m is
usually not suitable for geotechnical beam centrifuge with higher accelerations due to significant strength
and deformation demands on the arm steel.
Once the parameters of the centrifuge are decided, the following principles need to be followed for the
laboratory construction:
Convenient for Operation
Further optimization may be given to those machine parameters based on the main applications, often
adapted model scales, allowable system error, as well as the requirements on operation and maintenance.
Detailed investigation, planning and demonstration need to be made on the arrangement of centrifuge
chamber, laboratory structures and other associate facilities. It is important to reduce the interference of
equipment operation and model preparation to minimize the vibration and noise of the equipment and
facilities, and to reduce the need for significant repair of equipment and structures as much as possible.
For a centrifuge inside the laboratory building, an isolated foundation should be provided for the centrifuge
to minimize its vibration to the surrounding structures. The layout of the associated facilities and power
supply system should avoid their conflict with other equipment in the building. The centrifuge foundation
must be stable and rigid to resist the vibration of the centrifuge. The surrounding laboratory structures should
also have sufficient strength with minimal deformation. At the same time, adequate considerations should
be given on centrifuge operation, model preparation, container movement and installation. More space or
area may be needed in the hall for equipment installation, model lifting, and maintenance.
Advancement in Technology
The idea of geotechnical centrifuge was reported in 1869 by a French engineer E. Philips. For many years
after his report, the usage of geotechnical centrifuge had been at low levels until the rapid development of
modern technologies in mechanics, electrics, auto-control, data acquisition and transmission in recent
decades. Since then, the centrifuge has become a powerful and effective tool for researchers in geotechnical
engineering. Therefore, newly built centrifuge and laboratory should use modern advanced technologies
related to the design, manufacture and construction as much as possible. Some facilities such as robotic
actuators and quake simulators are also the outcome of modern advanced technologies in many related
fields.
Safety and Scalability
The centrifuge rotates with very high speed and inertia. For many laboratories, big or small accidents
occasionally occurred in the past years. It is necessary to provide a higher safety margin in the design for
centrifuge equipment, associated facilities and building structures. Some safety facilities and protective
measures should be provided at the design stage of the centrifuge laboratory.
The planning of a centrifuge laboratory and facilities should combine the present need and future
development, by considering the technological development in facilities. Sufficient space and rooms should
be arranged reasonably to assure that the facilities and laboratory need not be reconstructed or updated
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within a short period of time. Spaces for instrument connectors and cables may be saved for later expansion
of testing or upgrading. Usually after a long period of operation, the laboratory accumulates many additional
facilities, instruments, tools and model materials, which also need adequate space to be stored inside the
rooms or hall. It is hence always helpful to make visits to some existing centrifuges and laboratories so as
to learn from their experiences in construction, operation, application and management.
MODEL TEST PROCEDURES
It’s also necessary for the laboratory designers to briefly understand the model test procedures before they
can provide a proper and suitable design. The main model test procedures are model design, model
preparation, testing, data acquisition and analysis, and documentation or archive, as shown in Figure 1.
Model Design
Adequate attention to details of model design is pivotal to a successful model testing. A research topic
related to complicated engineering problems need to be simplified to accommodate to the existing facilities
and limited conditions in the laboratory, as well as focus on the key problem to be addressed. According to
the size of the container and basket, maximum centrifuge acceleration and others, the main contents of the
model design include identifying appropriate modelling ratio, model layout, developing necessary
associated tools or facilities for testing, monitoring system design, etc. A successful model design depends
on thorough understanding of the centrifuge facilities, simulation laws, technique details of model materials
and engineering structures in prototype before making a reasonable model for testing.
Model Preparation
Based on the model design, a detailed working list should be worked out for model preparation including
all related materials, facilities, instruments, tools, processing works and schedule, much like a construction
statement. The model materials should be sampled, sometimes taking from the construction site, transported
to the lab and processed to make representative models. The area in the laboratory may have space for
preparing 3 or 5 models at the same time. The heavy containers and materials on the floor require the
appropriate bearing capacity for the foundation inside the room. Rockfill materials may require processing
in the laboratory by reducing the sizes of large particles according to the scaling law. Clay material and fine
sand should be stored separately inside the laboratory. Some conventional soil test equipment such as the
facilities for density test, moisture test, shear strength test, concrete test, etc. may be necessary in the
centrifuge lab. The conventional soil test rooms may close to the model preparation area, with associated
power supply, compressed air, distilled water and earthing system for the convenience of model preparation.

Test materials
Model design
Preparation
Model test
procedures

Tools and
associate
falicities
Transducers
and model set
up

Testing

Model
installation

Data analysis

Data
acquisition
system

Archive

Figure 1 Illustration of centrifuge model test procedures
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Different sets of tools or molds are necessary for model making, especially for the simulation of tunnels,
piles, galleries, slopes, face-slabs, etc. In the geotechnical centrifuge center of IWHR, a wood processing
room and a metal processing room are provided for some simple cutting, drilling, smoothing and
manufacturing. Safety protection measures and facilities are also provided in these rooms.
Various transducers may be installed in or on the model according to the monitoring system design. Those
transducers should be calibrated before installation. Hence the transducer room and calibration room may
be needed for large centrifuge laboratory. The working table for transducers should be stable and tidy, and
the calibration work should follow the instructions given by their respective instrumentation manufacturers.

Model Test
A crane with sufficient capacity should be provided inside the laboratory hall for lifting of prepared model
and container from one place to another, and finally placing the container onto the swing basket.
After the counterweight balancing and connecting of cable from the model to the data acquisition system,
the centrifuge can be operated for rotating and testing. The data from various transducers should be recorded
and display in real time. If abnormal data is observed, the centrifuge may be stopped immediately for
checking.
The high speed of centrifuge rotating in a circular chamber will generating a lot of heat mainly due to the
air friction. This may affect the model material and the testing data accordingly if the cooling system is not
well designed. Usually air cooling system, water cooling system, or the combination of both are designed
for lowing the temperature below 40 inside the chamber.
When the centrifuge stopped, conventional measurement or test may be conducted on the model, such as
the measurement of water content and density variation along depth. Sometimes the model material may be
reused later, which need to be packed and stored in the material room. Other associated mold or forms may
be stored in the mold room for next model test. Every time before and after the centrifuge rotating, the
equipment and facilities must be carefully checked beside the routine inspection and maintenance.
Data Processing and Archiving
The test data often involves some unexpected information which is difficult for interpretation. The data
accuracy is not only dependent on the quality of the data acquisition instruments, but also the quality of the
centrifuge, the precision and installation of transducers, cables shields, signal interference, and the
experience of the researcher. All related raw data and information need to be analyzed and saved by
archiving for later checking, together with the final test report.
STRUCTURES
Structure for Facilities
The plan and design of geotechnical centrifuge laboratory shall fully understand the geological and
hydrometeorological conditions of the construction area. The foundation for supporting the main centrifuge
is the core of the structures, and must have sufficient bearing capacity to resist overturning, uneven
settlement and vibration. The investigation on the foundation ground should be deep enough to give the
distribution of stratum and soil properties. For soft ground or complicated ground conditions, detailed
analysis and demonstration may be necessary.
A circular centrifuge chamber and the centrifuge foundation is often designed as a separate unit from the
surrounding structures, to reduce or isolate the vibration of the equipment. The layout of other structures in
the laboratory should coordinate with the functions of heating and cooling, ventilation, water and power
supply, drainage and sewage, fire control, earthing, noise reducing, earthquake protection, etc.
Most of the centrifuge chambers are located inside the main laboratory building. In this case, the natural
frequency of the building structure should be 3 to 5 times of that of centrifuge rotating frequency to avoid
resonance. Two big circular plates are horizontally embedded in the chamber floor, at the upper surface and
bottom surface connected by long bolts, to form an integrated rigid foundation for supporting the centrifuge.
The chamber wall should be smooth to reduce the air resistance. For large centrifuge, the chamber roof may
have several covers made of steel plates, which can be opened for model lifting, slip rings and an instrument
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cabin on top of the chamber in the middle. Consider the huge energy of the centrifuge rotating, the chamber
wall must be thick enough to resist the collision of the swing basket at full speed if the basket is detached
from the main arms. Usually for medium or large centrifuge, the chamber is arranged under the ground with
earth behind the thick chamber wall for safety reasons. The ground floor is mainly designed for the driving
system, lubricating station, hydraulic pump system, etc. This place is mainly the source of noise and
appropriate noise mitigation measures shall be taken. Some big facilities may be installed in the ground
floor. Therefore, a shaft near the chamber may be designed for installation lifting and later maintenance. Air
ventilation shall be well designed at the basement, considering the water and damp proof at the same time.
In frozen season in the north, the basement shall be designed with a warming system to increase the
basement temperature above 15 .
For small centrifuges with less capacity and radius, it is easy for model transfer and installation. The
centrifuge chamber can be set up on the ground with a side door for model access. Structure for chamber
cooling must coincide with the design of cooling system. Some labs in north region prefer to have natural
air cooling for the centrifuge, while others should be provided with air cooling system, water cooling system,
or even liquid nitrogen system for extra high acceleration centrifuge.
For air cooling system, the main equipment is located outside the building. Cooling air comes in from the
top of the chamber and escapes at the bottom, or at the top of the side wall. For water cooling system, a
layer of cooling wall with water pipes inside is fixed onto the chamber wall. Cooling water is flowed into
those pipes by pump and absorbs the heat while circulating through a water cooling system. This method
can rapidly lower the air temperature near the chamber, but may not so effective to lower the air temperature
near the model.
For the rooms of power supply and driving system below the ground. Effective waterproof measures should
be taken especially for the area with higher groundwater level. Water accumulation wells and automatic
drainage pumps should be provided in the laboratory.
Structure for Model Tests
The space of the building and structures depends on the scale of the centrifuge and the requirement of the
model testing. The following rooms are always necessary for an effective experiment: chamber room,
driving facility room, main control room, power room, hall with cranes, model preparation room, rooms for
instruments or transducer calibration, conventional soil test room, model material room, archive room, etc.
Adequate spaces may be designed for pipes of water, compress air, hydraulic oil and power cables.
The hall with crane is usually separate with other test rooms and office rooms. The rooms to store associated
facilities such as robotic actuator and shaker may be inside or near the hall for easy access of the crane. The
rooms for wood and metal processing should be near the model preparation area and far away from the main
control room. The model preparation room should have the space for preparing at least 3 models at the same
time, and also a space for model box washing and water drainage. Filters should be provided to prevent the
mud flow into the drainage system. Around the model preparation area, the vacuum saturation equipment,
automatic sand rainer equipment, sieves, mixer, and other tools and equipment may be arranged.
The main control room is the key component of the laboratory, which is responsible for remote centrifuge
control, data acquisition, alarm and protection operations. All the cables from the centrifuge are accumulated
inside this room via slip rings. The control room should not be far away from the centrifuge chamber because
technicians need to move to and fro occasionally for adjusting and checking.
The cable layout in the main control room floor should be tidy and no interference, convenient to connect
with the computers on the desk. A sound earthing system should be provided for the facilities inside the
main control room and the chamber. The main control room and floor should be static proof, prepared with
fire extinguishing equipment. It is hence more suited for operators to be able to view the hall and model
preparation area directly from the main control room.
Other rooms such as meeting room, duty room, washing room can be arranged accordingly. For the
convenience of moving material into the hall. Wide passes and large doors may be designed for the access
of vehicles.
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PREREQUISITE FOR CONSTRUCTION
According to the national standards and requirements, specific design and evaluation on environment
impact, energy saving, soil-water protection, social stability risks and even civil air defense, may be
conducted for large centrifuge laboratory construction in China.
The environment impact evaluation provides assessment and counter measures for the environment
influence due to the construction and operation of the centrifuge laboratory. The social environment, land
use condition, road condition and administration district are also assessed in the evaluation report. Detailed
investigations on the sewage system, heating system, power supply, air quality, noise and vibration
influence, underground water condition are also included.
The energy saving assessment should follow the requirements of Energy Saving Law of PRC, aimed at
reducing electricity waste and improving the efficiency of power use.
OPERATION AND MAINTENANCE
The routine management and maintenance on the centrifuge machine and facilities is very importance for a
long term operation and effective model testing. Based on the centrifuge scale and manpower, three kinds
of machine caring and maintenance may be applied. One is the routine maintenance, including daily,
monthly inspection or fixed time checking and maintenance given by technicians; the second is the
protection maintenance mainly for some special model tests or important situations; the third is the
professional maintenance, mainly on the key components of the equipment, which is conducted by the
manufacturers or professional engineers annually.
Due to often limited manpower in the centrifuge laboratory for maintenance, it is necessary to improve the
automation of operations for all equipment. For example, a management software may be developed for
managing the whole process from the model and machine preparation to the completion of an experiment.
The centrifuge counter weight can be automatically adjusted. The cooling system can be turned on and off
according to the thermo-transducers on the centrifuge. In this way, manual interference and effort can be
reduced during the operation of the laboratory.
After many years of operation, additional facilities may be introduced in the laboratory, which require
efficient management and regulations for storing, repairing and reusing. The centrifuge is a high speed
rotating equipment that can be hazardous when items get dislodged. Because of the presence of several
items such as crane, vehicle, metal structures and soil or rock materials, effective safety measures should be
worked out in the laboratory together with the emergency plan.
REMARKS
Due to the increasingly need for geotechnical centrifuge model tests, several new centrifuge laboratories
have been set up in China. It is necessary to understand the centrifuge characteristics and model test
requirements before making a proper design for the centrifuge lab. This paper presents some of the
laboratory design principles, considerations on the structures, room functions, and the prerequisite for
construction based on the experience of the IWHR centrifuge center development and operation. It is hoped
that this forms a reference for researchers and stakeholders interested in constructing centrifuge laboratories
in the near future.
ACKNOWLEDGMENTS
The author acknowledges the constant financial support from China’s Ministry of Water Resources, and
expresses sincere thanks to the professors and engineers working at the IWHR geotechnical centrifuge
center, as well as equipment manufacturers and maintenance providers to the centrifuge center.
REFERENCES
Schofield, A. N. (1980). Cambridge Geotechnical Centrifuge Operations. Géotechnique, 30, No. 3: 227268
Taylor, R. N. (1995) Geotechnical Centrifuge Technology. Blackie Academic& Professional,
Bishopbridggs, Glasgow, UK

12

Charles W. W. NG (2014)
A(
) Vol. 1
(2020)

NHRI-400g·t

Vol.

2
(2011)

ZJU400

Vol. 33(12)
(1992) LXJ-4-450
(2007)

Vol. 2
2007
2011

(2019)

TK-C500

13

2.2

Centrifuge SIMULATION of erosion voids BENEATH buried RIGID
pipeLINEs
MING XU
Department of Civil Engineering, Tsinghua University
Beijing 100084, China.
DAWEI SHEN
Beijing Institute of Technology
Beijing 100081, China;
Centrifuge test was performed to study the situation in which the erosion void was located directly beneath
the mid of a buried reinforced concrete pipe subjected to surface traffic load. A technique was developed to
simulate the void formation beneath the pipe during the centrifuge test. The system includes a rubber bag
filled with salt and accessories. During the centrifuge test, water was injected into the rubber bag to dissolve
the salt and the solution was pumped out of the bag, so that gradual formation of an erosion void could be
simulated. The test results demonstrate that the erosion void could impose significant influence on the
bending moments of the pipe caused by the soil cover weight and traffic load.
INTRODUCTION
Reinforced concrete pipes have been widely used for water supply and drainage around the world. However,
many countries find that water leakage has become a serious problem, which is becoming intolerable to
sustainable development purpose. For example, it was estimated that 9.8 trillion litres of treated drinking
water were lost through leaking pipes every year in USA, the cost of which was estimated to be US$4.1
billion (Cohen 2012). Thus there are mounting demands for a better understanding of the performance of
buried reinforced concrete pipes.
Traditionally laboratory and field researches have been performed mainly to study the circumferential
response of pipes (e.g., Clayton et al., 2010; Rakitin and Xu, 2014; Lay and Brachman, 2014). In recent
years, the longitudinal response of pipelines has received increasing attention (Sheldon et al., 2013; Becerril
García and Moore, 2015a & 2015b; Rakitin and Xu, 2015; Xu et al., 2017a & 2017b). It should be noted
that the soil below the pipeline was always uniform and stiff in these investigations.
However, erosion voids below pipelines impose a common problem, which are formed due to infiltration,
exfiltration, or over-excavation, et al. The three-dimensional numerical simulation by Xu et al. (2017a)
highlights that the erosion void has a significant influence on the performance of buried jointed pipeline.
Only limited researches had been performed to study the effect of erosion voids on the pipeline response,
mainly using the finite element method or finite difference method (Tan and Moore, 2007; Buco et al., 2006;
Balkaya et al., 2012a, 2012b & 2013; Meguid and Kamel, 2014). There is a lack of physical modeling, and
clearly experimental investigation is desired to examine the effect of erosion voids on the response of buried
pipes.

Peter et al. (2018) carried out a full-scale test to investigate the influence of erosion voids on the
responses of a buried reinforced concrete pipe. Air bladders were attached to the pipe barrels to
simulate the erosion voids. By puncturing the air bladders during the test, the formation of voids
was simulated.
This paper describes a technique to simulate the formation of an erosion void beneath a buried
pipeline during centrifuge test. The situation in which the erosion void was formed directly
beneath the mid of a pipe barrel was studied, and its influence on the bending moments of the
pipe barrel were presented and discussed. The influence of an erosion void straddling a pipe
joint was studied by Xu & Shen (2020).
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CENTRIFUE MODELLING
The centrifuge tests were performed with the 50 g-ton geotechnical beam centrifuge at Tsinghua University.
The acceleration is 20g.
The model pipeline consisted of five pipe segments, which included three complete segments and two halfsegments. The pipe model was made of an aluminium alloy. Each segment has a length of 125 mm, an inner
diameter of 70 mm and a wall thickness of 6.2 mm, which is equivalent to a prototype concrete pipe with a
length of 2.5 m, an inner diameter of 1.4 m and a wall thickness of 165 mm. The pipeline model was
horizontally placed along the diagonal direction of the strong box. The elevation view of the centrifuge
model is shown in Figure 1. Detailed description about the pipe model and prototype pipe can be found in
Rakitin and Xu (2015).

Figure 1. The elevation view of the centrifuge model. (All dimensions in millimeters.)
The soil cover depth was 700 mm at the prototype scale. A fine sand was used, with an average particle size
D50 of 0.2 mm. A uniform dry density of 15.7 kN/m3 was achieved, which corresponds to a relative density
Dr of 0.85. The strongbox was filled with sand using the dry pluviation technique.
It was found difficult to simulate an erosion void in physical modeling previously, particularly in centrifuge
tests due to the limited space available as well as the high acceleration. A technique was developed to
simulate formation of an erosion void below a pipe. The system includes a rubber bag filled with salt and
accessories. The rubber bag was made of thin rubber membrane, thus it can suitably conform to the outer
surface of the pipe. During the centrifuge test, water was injected into the rubber to dissolve the salt and the
solution was pumped out of the bag, so that gradual formation of an erosion void could be simulated. Further
details about the technique can be found in Xu and Shen (2020).
In this study, the erosion void was formed directly beneath the mid of a pipe barrel, as shown in Figure 2.
After installation on the model pipe, the rubber bag filled with salt has a thickness of approximately 7 mm
and a length of 40 mm. Strain gauges were installed at the crown, springline, and invert at the mid crosssection of the pipe.
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Surface Load

Figure 2. Location of the void
TEST PROCEDURE
After the strongbox was installed on the centrifuge platform, the centrifuge was gradually accelerated to 20
g. Then two cycles of loading with a maximum value of 150 kN were applied on the surface by a pneumatic
pressure cylinder in three stages, i.e., 0 -- 50 kN -- 100 kN -- 150 kN. Afterwards the erosion void was
formed. Finally the third loading with a maximum value of 150 kN was applied in three stages after the void
formation.
TYPICAL RESULTS AND DISCUSSION
The variation in the circumferential bending moment at the pipe crown at Cross-section M during centrifuge
testing is shown in Figure 3. After the centrifuge acceleration was raised to 20 g, the bending moment
reached approximately 1750 N·m/m, which was caused by the soil cover weight with a thickness of 0.7 m
(at the prototype scale). This value is found comparable to the measured bending moment in the previous
centrifuge test by Rakitin and Xu (2014).
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Figure 3. Pipe crown circumferential bending moment of cross-section M.
The first loading on the surface caused sharp increase in the crown circumferential bending moment, and
the peak value reached almost 12000 N·m/m. The second loading caused only marginal increase in the
peak value of the crown circumferential bending moment.
Then the void was formed beneath the pipe using the technique described previously. During void
formation, the crown circumferential bending moment casued by the soil cover weight decreased from
from 1915 N·m/m to 1166 N·m/m.
The following loading (the third loading) caused a peak value of the crown circumferential bending
moment of 9707 N·m/m, which was reduced considerably compared with that before void formation. It
seems that the formation of an erosion void beneath the mid of a pipe barrel would lead to redistribution of
the earth pressure around the pipe barrel, resulting in a decrease in the bending moments of rigid pipes. In
contrast, the formation of an erosion void beneath the joint caused large joint rotation, which continued to
build up when repeated traffic loading was applied on the surface, as demonstrated by Xu & Shen (2020).
CONCLUSIONS
A technique has been developed to simulate the formation of an erosion void beneath a reinforced concrete
pipe during centrifuge test. The system includes a rubber bag filled with salt and accessories. During the
centrifuge test, water is injected into the rubber bag to dissolve the salt, and the solution is pumped out of
the bag, so that the gradual formation of an erosion void can be simulated. Centrifuge tests are then
performed, in which the erosion void is located directly beneath a buried 1400 mm diameter reinforced
concrete pipe. The test results demonstrate that the erosion void could impose significant influence on the
bending moments of the pipe subjected to the soil cover weight and traffic load.
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Applicability of the generalized scaling law (GSL) for centrifuge modelling is examined through
comparison of testing results obtained by 10 international institutes in the world in a framework of
Liquefaction Experiment and Analysis Project (LEAP). Here, we report outcome of LEAP-ASIA-2019
which aimed at validating the GSL for the identical prototype with the one employed in UCD-2017. Each
institute conducted at least two model tests, Model A and B, with different scaling law for validation of the
GSL. Model A: A model identical to UCD-2017 whose response can be used to fill the gaps and further
establish the trends obtained in the UCD-2017. Model B: A model similar to Model A to validate the GSL.
Results are examined by comparing prototype behaviors of Model A and B. In most of the conditions
employed in the study, overall responses, such as stress, acceleration, and displacement are comparable
within a tolerable range. Also, a limitation of the GSL is pointed out.
INTRODUCTION
More than two decades ago, VELACS (Arulanandan & Scott, 1993 and 1994) was one of the first attempts
to validate numerical modeling for ground response under liquefaction by comparing results obtained from
a series of centrifuge experiments. Afterward, significant developments in numerical modeling have been
achieved in the field of geotechnical earthquake engineering with the rapid advancement of computer
science and technologies. Recently, it is common to perform numerical simulations on a design phase of
major facilities to check and validate the design under seismic/wind and other loading conditions. Despite
the efforts and findings in numerical methods, the development of high-precision simulations of
deformations of soil/structure systems, in which the occurrence of soil liquefaction processes is involved,
remains a challenge.
Liquefaction experiments and analysis project (LEAP) is an international collaboration project aimed at
validating experimental and analytical methods for studying liquefaction-related phenomena. Three major
exercises related to the dynamic response of a saturated sloping ground were developed as part of the LEAP
framework. Based on the success of the previous exercises (Manzari et al., 2015, 2018; Kutter et al., 2020a).,
LEAP-ASIA-2019 was designed to pursue two main objectives: (1) validation of the “Generalized scaling
law (hereafter called “GSL”) for centrifuge modeling (Iai et al., 2005); and, (2) the development of
additional experimental data that fill the gaps in the data of LEAP-UCD-2017, to extend, establish and
confirm the observed trends; in this sense, the experiments were designed to target identical geometries (in
prototype scale) with the ones used in UCD-2017; hence, in ASIA-2019, the major part of model
specifications were taken from Kutter et al. (2020a). During ASIA-2019, ten institutes conducted 24
centrifuge tests. Specifications of the centrifuge facility of each institute, such as length scale factor, shaking
direction, radius, and container width/length ratio are listed in Table 1.
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Table 1. Test facilities for LEAP-ASIA-2019.
Shaking
direction

Container
Radius (m) width/length

Centrifuge facility institution

L*

Cambridge University, UK

1/40

Tangential

3.56

0.45

Ehime University, Japan

1/40

Parallel to axis

1.184

0.24

IFSTTAR, France

1/50

Parallel to axis

5.063

0.5

KAIST, Rep. of Korea

1/40

Parallel to axis

5

0.45

Kyoto University, Japan

1/44.4

Tangential

2.5

0.32

National Central University,
Taiwan

1/26

Parallel to axis

2.716

0.45

Rensselaer Poly. Inst., USA

1/23

Parallel to axis

2.7

0.42

Tokyo Inst of Tech., Japan

1/44.4

Parallel to axis

2.15

0.33

Univ. of California, Davis,
USA

1/43.75

Tangential

1.094

0.63

Zhejiang University, China

1/30

Parallel to axis

4.315

0.59

Table 2. List of models and summary of scaling factors for each institute.

Test
Type

Institute

Test ID

Test
Number

Achieved
Centrifuge acc

Virtual 1G, μ

Centrifuge, h

[1]

[2]

[3]

G

A

B

CU

CU2 (2017)

1A

40.0

1.0

40.0

Ehime

Ehime2 (2017)

2A

40.0

1.0

40.0

IFSTTAR IFSTTAR_A_A1_1

3A

50.0

1.0

50.0

KAIST

KAIST_A_A1_1

4A

40.0

1.0

40.0

KyU

KyU_A_A1_1

5A

44.4

1.0

44.4

KyU

KyU_A_A2_1

6A

44.4

1.0

44.4

NCU

NCU_A_A1_1

7A

26.0

1.0

26.0

RPI

RPI_A_A1_1

8A

23.0

1.0

23.0

UCD

UCD_A_A1_1

9A

43.8

1.0

43.8

UCD

UCD_A_A2_1

10A

43.8

1.0

43.8

ZJU

ZJU_A_A1_1

11A

30.0

1.0

30.0

TIT

TIT_A_A1_1

12A

44.4

1.0

44.4

TIT

TIT_A_A2_1

13A

44.4

1.0

44.4

CU

CU_A_B1_1

1B

71.6

0.5

80.0

Ehime

Ehime_A_B1_1

2B

20.0

2.0

20.0

IFSTTAR IFSTTAR_A_B1_1

3B

25.0

2.0

25.0

KAIST

KAIST_A_B1_1

4B

26.7

1.5

26.7

KyU

KyU_A_B1_1

5B

22.2

2.0

22.2

KyU

KyU_A_B1_2

5B

11.1

4.0

11.1

KyU

KyU_A_B2_1

6B

22.2

2.0

22.2

NCU

NCU_A_B1_1

7B

13.0

2.0

13.0

RPI

RPI_A_B1_1

8A

46.0

0.5

46.0

UCD

UCD_A_B1_1

9B

21.9

2.0

21.9

ZJU

ZJU_A_B1_1

11B

15.0

2.0

15.0

TIT

TIT_A_B1_1

12B

22.2

2.0

22.2

TIT

TIT_A_B2_1

13B

22.2

2.0

22.2

The specified model consisted of a uniform soil deposit of 4 m deep, 20 m long deposit of Ottawa F-65 sand
with various dry densities, and a ground slope of 5 degrees (Fig. 1). The target input ground motion consisted
of a ramped sine wave input motion, which was similar to the target motion used in the previous exercises.
In ASIA-2019, 11 model tests with the conventional centrifuge scaling law (hereafter called “Model A”)
and 13 tests with GSL (hereafter called “Model B”) were conducted. All these tests are indexed as listed in
Table 2. The test results in the following chapters can be identified by either “Test ID” or “Test Number.”
Comparable tests have the same digits in “Test Number.” In this study, test results of Model A from
Cambridge University (CU) and Ehime University are taken from LEAP-UCD-2017 for comparison.
This study validates the GSL’s applicability by comparing the response between Models A and B in the first
destructive motion of each model test. Additional shaking or model tests must have been conducted by some
institutes. These results are reported in other papers. In this study, the discussion is solely based on the
results of the first destructive motion.
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(a)

(b)

6

Figure 1. Baseline schematic for LEAP-ASIA-2019 experiment for (a) shaking parallel to the axis of the
centrifuge. (After Kutter et al., 2018) and (b) shaking perpendicular to the axis of the centrifuge.
GENERALIZED SCALING LAW
Iai et al. (2005) proposed the GSL (Table 3) by combining the scaling law for centrifuge testing with the
one for 1-g dynamic-model testing (Iai, 1989) to carry out dynamic centrifuge experiments of much larger
prototypes. As shown in Table 2, in this study, the virtual 1-g model’s scaling factor ranges from 0.5 to 4.0.
Here, in two institutions, Cambridge University (CU) and Rensselaer Polytechnic Institute (RPI), the scaling
factor of the virtual 1-g model was chosen to be less than unity, m < 1, in which the virtual 1-g model is
scaled up and then scaled down to a centrifuge model. For comparison, a larger 1-g scaling factor (µ = 4)
was used in “KyU_A_B1_2.” In this study, the applicability of the GSL is examined using the modeling of
models technique.
Table 3. Scaling factors in physical model testing (Iai et al., 2005).
(1)
(2)
(3)
Scaling Scaling factors Generalized
factors for for centrifuge
scaling
1-g test
test
factors

μ
1

Length
Density
Time

μ

Frequency

μ

0.75

-0.75

1

Acceleration

η
1

μη
1

η

μ

1/η

μ

1/η

0.75

-0.75

η

/η

1/η

0.75

1

μ

1.5

η

μ η

Velocity

μ

Displacement

μ

0.75

1.5

μ

1

Strain

μ

0.5

1

μ

0.5

Stiffness

μ

0.5

1

μ

0.5

Permeability

μ

0.75

η

μ

1

Stress

Pore pressure

μ

μ

0.75

η

μ
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MODEL SETUP
Model A is constructed with the procedure established in LEAP-UCD-2017 (Fig. 1). On the basis of the
direction of shaking against the centrifuge’s axis, one of the two models shown in Figs. 1(a) (flat surface)
or (b) (curved surface) was constructed. For Model B, although the model was constructed identical to
Model A, the PGA of the input motion and viscosity of pore fluid were adjusted so that they become identical
to the ones in Model A on the prototype scale. Figure 3 schematically shows initial conditions, that is, PGAeff
and relative density covered in the UCD-2017 and ASIA-2019 series.

Figure 3. Range of relative density and PGAeff of the base excitation covered in LEAP-UCD-2017 and
LEAP-ASIA-2019.
The ASIA-2019 series have shown to cover a wider range of the relative density Dr_qc(2.0m) from 50% to
87% and the PGAeff values from 0.118 to 0.405 g. Dr_qc(2.0m) denotes the relative density derived from
the correlation with the CPT penetration resistance at 2 m depth, as discussed further below. Note that, as
part of the UCD-2017, CPT test results, despite being an indirect method, are reliable in estimating the
uniformity of the ground and its associated dry density compared to estimations based on mass and volume
measurement (Carey et al., 2020b). As shown later, this is also confirmed in this study.
The target input motion consisted of a ramped 1 Hz sinusoidal wave; however, diverse additional highfrequency components were observed in the achieved motions. To standardize the PGA among the tests,
and consider that higher frequency components have some but relatively small effect on the behavior of the
model, the project used the concept of effective PGA, “PGAeff.” The definition of PGAeff, as defined by
Kutter et al. (2020a), is shown in Equation (1); in this equation, “PGA1Hz” represents the PGA of the isolated
1 Hz component of the achieved motion, and “PGAhf” represents the higher frequency components of the
ground motion.
PGA eff = PGA1Hz + 0.5 ´ PGA hf

(1)

Figure 4 compares measured PGA and estimated PGAeff between Model A and B. It indicates that, between
Model A and B, PGAeff agrees better than the measured PGA with higher determination coefficient value
(R2 = 0.92). From this observation, input motions of Models A and B for each institute are judged to be
nearly identical on a prototype scale.
To conduct model tests for validation of the GSL, the viscosity should be properly scaled to simulate the
excess pore water pressure’s diffusion process. The methylcellulose solution was used to adjust the viscosity
of pore fluid. The achieved viscosity was checked by each institute.
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0.5

0.5
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(b) Estimated PGA_eff
(First Destructive Motion)

(c) PGV

Model B

Model B

(a) PGA_Measured
(First Destructive Motion)

R² = 0.9189

R² = 0.8206

0

0
0

0.5
Model A

0

0.5
Model A

0
0

1

Model A

Figure 4. Comparison of input PGA between Model A and B, (a) Measured PGA and (b) PGAeff.
TEST RESULTS
Penetration Resistance
Most tests used a miniature CPT developed in UCD-2017 (Kutter et al., 2020ab) to measure ground
stiffness/strength. Penetration resistance of CU, IFSTTAR, NCU and ZJU show larger increments after
shaking because the initial model ground was softer (Dr_qc(2.0m) < approx. 60%). CPT profiles, generally
tend to increase with depth in a range of 5 to 15 MPa in Model A and B.
Figure 5 compares CPT penetration resistance, qc, of Models A and B at the depth of 2.0 m. At GL - 2 m,
the qc values of Models A and B agree well. However, the deviation tends to increase as they go deeper (GL
- 2.5 and - 3.5 m). Although they agree well in Models A and B, qc in Model B seems to be slightly
overestimated for all the depths. Comparing the qc values of “KyU_A_B1_1” (µ = 2) with the case of
“KyU_A_B1_2” (µ = 4), qc is overestimated when a large 1-g scaling factor is used. This implies that the
value of the 1-g scaling factor of stress, µ, may be slightly overestimated in the given experimental
condition.

Figure 5. CPT penetration resistance, qc at 2.0 m. Sorted by the order of relative density.
Acceleration
All acceleration records in the middle array (AH1 to AH4) and the average of two bottom accelerometers
(AH11 and AH12) are plotted in Fig. 6(a) for Model A and Fig. 6(b) for Model B. Although response
acceleration depends on the ground density and input motion, in most cases, dilatancy spikes with negative
acceleration due to the deformation in the downstream direction appears on the records at the shallow depth.
KAIST’s records with higher density (approx. Dr = 90%) and larger PGAeff (approx. 0.3) show significant
agreements between Models A and B in terms of waveforms with dilatancy spikes. On the waveforms of
response acceleration of the cases with the dense ground with lower PGAeff of Model A (UCD_A_A1_1:
Dr = 86%, PGAeff = 0.178) and Model B (UCD_A_B1_1: Dr = 85%, PGAeff = 0.14), no amplitude reduction
due to liquefaction is observed. Response accelerations of NCU and ZJU (soft ground with a relative density
of 60% with lower to medium PGAeff of 0.13 to 0.27) show agreements even under highly liquefied ground.
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Waveforms of TIT (approx. Dr = 60%, approx. PGAeff = 0.13) also show significant agreements on both
models including dilatancy spikes, although higher frequency components, induced possibly by crossing the
capacity bound of the shaker, are observed in Model B. For the cases with the scaling factor of the virtual
1-g model being µ < 1 (CU and RPI), although the number of available measurements in CU_A_B1_1 is
limited, overall waveforms and timing of spikes are in good agreement in the records of each institute.
Residual Ground Surface Deformation
Residual ground surface deformation after the first destructive motion was measured by the location of the
surface markers. Figure 7 shows the lateral displacements obtained by averaging the displacement of all the
markers for Model A and B. When the ground is soft (Dr_qc(2.0m) < 55%) (CU, ZJU) or the PGAeff is
large (PGAeff = 0.35) (IFSTTAR), lateral displacements in the downslope direction are larger
(approximately 300–600 mm). From Figs. 7, it is observed that, when the displacements are larger (i.e.,
more than 250 mm), in Model B, significant discrepancies in displacements between Models A and B are
detected. This shows a limitation of the GSL, as implied in the scaling law of displacement, µ1.5h, in Table
3.

AH4
AH3
AH2
AH1

(AH11+AH12)/2

(a) Model A
NA
NA

NA

AH4
AH3
AH2
AH1
(AH11+AH12)/2

(b) Model B
Figure 6. All acceleration time histories for (a) Model A and (b) Model B.
Correlation among PGAeff, Dr_qc(2.0m), and Surface Displacements
Kutter et al. (2020b) conducted regression analyses to find correlation among the residual surface
displacements, the intensity of shaking and the relative density of the model ground. The regression equation
is presented in the form of Equation (2). Updated values of regression coefficients are b1=1.756, b2=100,
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n1=4, and n3=3.245 with the combined data of UCD-2017 and ASIA-2019 (Vargas, 2020). Aside from the
existence of some tests out of the trend (that can be considered outliers and thus excluded), a significant
improvement in the correlation can be observed; the R2 value increased from 0.75 (only UCD-2017 data) to
0.90 (combined data).

Figure 7. Residual lateral displacements (Ave. of all markers) of Model A and B sorted by the
order of relative density.
é
( Dr _ qc (2.0m) - 0.125)n3 + 0.05 ùú
U x 2 = b2 êb1 ê
ú
1.3PGAeff
ë
û

n1

(2)

CONCLUSIONS
Following the model setup procedure established by LEAP-UCD-2017 (Kutter et al., 2020a), in LEAPASIA-2019, 10 international institutes conducted centrifuge model tests with various input conditions. In
ASIA-2019, additionally to the conventional centrifuge model tests (Mode A), model tests to validate the
generalized scaling law (GSL) (Model B) were conducted. It was one of the first multi-institutional
investigations into the validity of the generalized scaling law for saturated sandy sloping deposits with
various initial conditions. The modeling of models technique was used to compare the dynamic responses
of model ground of Model A and B. The results show that within a given range of input motions and initial
density of the model ground, the generalized scaling factors for stress, acceleration, displacement, and time
were validated within some tolerable ranges of errors using the scaling factors used in ASIA-2019 (virtual
1-g scaling factor of 0.5 < µ < 4.0, centrifuge scaling factor of 11.1 < h < 71.6).
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An integrated analysis model comprising soil, a single row of piles, a foundation beam, and a
superstructure is proposed. The estimated stress of the structure and the vertical displacement at the
pile heads are consistent with the results of a dynamic centrifuge test. The effects of vertical
displacement of piles during an earthquake on the axial load variations of columns and pile heads
are investigated using an integrated model and a separated superstructure model, in which the footing
beam is pinned. When the distance between the columns is not equal, the axial load variations cannot
be evaluated appropriately using the superstructure separated model based on thepile head bending
moment and the inertial force of the superstructure. The vertical displacement at the piles should be
considered.
INTRODUCTION
Generally, the seismic performance of pile foundations is investigated by evaluating the bending
moment and shear force of piles due to the inertial force of the structure and soil deformation. The
seismic performance of pile foundations depends on their axial load, which is the sum of the
stationary load and the axial load variation caused by the overturning moment during a strong
earthquake. Hence, the axial load variation due to the overturning moment must be evaluated. The
axial load variation can be evaluated using an integrated analysis model of a soil–pile–superstructure
system. However, the seismic design of most buildings is generally performed separately for the
superstructure and pile foundations. The axial load variations are typically evaluated based on the
sum of the support reaction of the separated superstructure model and the axial load caused by the
additional bending moment arising from the piles. However, the evaluation above is yet to be
examined sufficiently. Moreover, the vertical displacement of piles can affect their bending moment
during a strong earthquake (Tamura, 2019). This suggests that the seismic vertical displacement of
the piles might affect their axial load.
In this study, a dynamic centrifuge test of a soil–pile–superstructure system was conducted.
Subsequently, an integrated analysis model comprising soil, a single row of piles, a foundation beam,
and a superstructure was developed. The abovementioned integrated model was validated via a
centrifuge test. Finally, the effects of vertical pile displacement on the axial load variation of piles
were clarified by comparing the numerical results of the integrated model and separated
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superstructure model.
CENTRIFUGE TESTS
Test model
To investigate the seismic response of the soil–pile–superstructure system, a dynamic centrifuge test
(50G) was conducted at the Disaster Prevention Research Institute, Kyoto University. Figure 1
shows the model layout and sensor locations. The laminar shear box had a height of 300 mm, length
of 450 mm, and width of 150 mm. The soil model, i.e., Toyoura silica sand, was a subsurface layer
(225 mm thick and a relative density of Dr = 60%) overlying a base layer (60 mm thick and Dr =
90%). The pile model, which comprised duralumin bars with a diameter (D) of 8 mm (40 cm in
prototype scale), a length of 213 mm (10.7 m), a bending stiffness of 13.9 Nm2 (8.7 MNm2), was a
2 × 3 group pile with a pile spacing of 64 mm (3.2 m). The distance from the center-to-center pile
spacing was 8D. Hereinafter, values within parentheses represent measurements of the prototype
scale. The foundation beams were stainless steel with a bending stiffness of 22.1 Nm2 (13.8 MNm2)
and were rigidly connected to the pile heads using a pile cap. The superstructure comprised a brass
plate with a bending stiffness of 825 Nm2 (516 MNm2), columns that were 110 mm (5.5 m) long,
and 7075 aluminum alloy bars with a bending stiffness of 14.4 Nm2 (9.0 MNm2). The mas of the
superstructure and foundation including the footing beams and pile caps were 1.2 kg (150 t) and 0.5
kg (63 t), respectively. The pile caps and footing beams were embedded 22.5 mm (1.1 m) and 6 mm
(30 cm) into the subsurface layer, respectively. The pile tips were embedded 10.5 mm (0.5 m) into
the base layer. Strain gauges were attached to the columns, footing beams, and piles. The input
motion was “Rinkai92,” which is the synthesized ground motion for the Tokyo Bay area. Its peak
base acceleration (PBA) ranged from 0.64 to 6.6 m/s2 at the prototype scale. In this study, a test case
involving a PBA of 6.6 m/s2 was investigated. Hereinafter, all data presented are for the prototype
scale.

Figure 1. Centrifuge test model.
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Test Results
Figure 2 shows the time histories of the inertial force of the structure (the sum of the superstructure
and footing inertias), acceleration of the superstructure, ground surface, and shear box base for t =
10–40 s, as well as the axial load variations of columns A and B, vertical displacement, axial load
variations at pile head (Pile A), and axial load variations at the pile tip (Pile A) for t = 20–30 s. The
maximum acceleration was 777 cm/s2 at the ground surface and 1257 cm/s2 at the superstructure.
The vertical displacement and axial loads were positive in the upward and compression directions,
respectively. The axial load variations of the column, pile head, and pile tip were evaluated using
the axial strains. The vertical displacement was evaluated based on the second-order integration of
the vertical acceleration data. The amplitudes of the vertical displacement at the pile head exceeded
20 mm. The amplitudes of the axial load variations at the pile head were much greater than those at
the column on the pile. The lower limit of the axial load variations at the pile tip was approximately
˗400 kN. This value corresponded to the axial load prior to shaking, suggesting that a pull-out force
occurred at the pile tip during shaking.

Figure 2. Time histories of inertial force of structure (sum of superstructure and footing inertias),
acceleration of superstructure, ground surface, and shear box base for t = 10–40 s; axial load
variations of Columns A and B, vertical displacement, axial load variations at pile head (Pile A),
and axial load variations at pile tip (Pile A) for t = 20–30 s.
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INTEGRATED MODEL ANALYSIS OF SOIL–PILE–SUPERSRUCTURE SYSTEM
Evaluation of Soil Springs
An integrated analysis model comprising soil, a single row of piles, a foundation beam, and a
superstructure was proposed, as shown in Figure 3. In this study, SNAP Ver. 7 (Kozo Systems Inc.,
2015) was used to perform numerical analysis. The piles, foundation beams, columns, and
superstructure beams were modeled using bending shear bars and mass points. The pile tip resistance
springs and shaft resistance springs of the pile model were set based on experimental data.

Figure 3. Integrated analysis model comprising soil, single row of piles, foundation beam, and
superstructure.
Figure 4 shows the relationship between the vertical displacement at the pile head and the total shaft
friction (difference in the axial load between the pile head and pile tip) of Pile A for t = 20–30 s. The
shaft resistance springs were bilinear models in the upward and downward directions. The total shaft
friction was evaluated using the discretized common shaft resistance springs. Figure 5 shows the
relationship between the vertical displacement and axial load at the pile tip (Pile A) for t = 20– 30 s.
Similarly, the pile tip resistance spring was a bilinear model in the upward and downward directions.
The pull-out capacity was set to 379 kN, which was the axial load at the pile tip prior toshaking. The
lateral springs of the piles were based on the AIJ recommendation (2019) using SPT- N values,
which were estimated based on the shear velocity profile. The initial shear velocity of the
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soil model was determined based on the natural period of the soil model during slight shaking. The
average shear velocity of the subsurface soil layer was estimated as follows:
òSA =

4ô
,
ãg

(1)

where H is the soil model thickness, and Tg represents the measured natural period of the soil model
during slight shaking. The average shear velocity of the soil model is associated with the S-wave
velocity, VSi, and the thickness of each sublayer, DHi, as follows:
òSA =

ô
∆ô
∑
òS

(2)

The VSi of each layer increased concomitantly with the increase in the fourth root of the effective
confining pressure. The SPT-N values profile is evaluated as follows (Ohta and Goto, 1976):
òs = 68.79 x ö0.171 x õ0.199 x ú,

(3)

where N is the SPT-N value, z is the depth, and F is a constant determined by the soil condition (=
1.066 in medium sand). The estimated SPT-N value profiles are shown in Figure 6. The stiffness of
the lateral soil springs in the back row was set to 40% of that in the front and middle rows,
considering the following experimental results. Figure 7 shows the horizontal subgrade reaction on
the piles at GL.-2.7 m in the front, middle, and back rows at the peaks of the inertial force of the
structure. The horizontal subgrade reactions in the back row were much smaller than those in the
front and middle rows when the inertial forces exceeded 1000 kN, despite 8D being the pile spacing.
This reduction in horizontal subgrade reactions in the back row was predicted via Finite Element
(FE) numerical analysis (Achmus & Thieken 2010) and observed in centrifuge tests (Tamura et al.
2020). The total earth thrust on the pile cap was based on the AIJ recommendation (2019). The
stiffness of the total earth thrust in the back row was set to 40% of that in the front and middle rows.
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Simulation of Centrifuge Test Results
The proposed method was validated by comparing it with the test results at t = 24.6 s, i.e., when the
superstructure acceleration was at its maximum. The horizontal inertial forces of the superstructure
and footing were 927 and 143 kN, respectively, which were one-half of the measured inertia forces,
considering that the number of piles in the numerical model was one-half that of the experimental
model. The inertial forces were leftward, indicating that Pile A was in the front row. Vertical
acceleration occurred during shaking. Hence, upward inertial forces, i.e., 212 and 63 kN for the
superstructure and footing, respectively, were applied to the model. The soil displacement was
evaluated based on the second-order integration of the measured horizontal acceleration. The
accelerometers were set at only the shear box base, top of the base layer (height of pile tip), GL. 2.25 m, and ground surface. Hence, the soil displacements at the other depths were supplemented by
SHAKE91 (Idriss et al. 1991), a program for the earthquake response analysis of horizontally layered
sites. The evaluated soil deformation, which is the relative displacement to the pile tip, is shown in
Figure 8.
The estimated bending moments and shear forces of the columns, footing beam, and piles, the axial
load variation of the columns and piles, and the vertical displacement of the pile head were compared
with the experimental data shown in Figure 9. The bending moments, shear forces, axial load, and
vertical displacement estimated using the proposed integrated model were consistent with the
experimental results. This indicates that the proposed integrated model is reliable for simulating the
seismic response of piles and structures.
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Figure 9. Measured and estimated bending moment and shear forces of columns, footing beam, and
piles, shear forces; axial load variation of columns, and piles, and vertical displacement of pile head.
DISCUSSION
Separated Superstructure Model and Integrated Model
The effects of seismic vertical displacement of piles on the axial load variations of the columns and
pile heads were investigated using the integrated model and the separated superstructure model.
Figure 10 shows the separated superstructure analysis models with variations in span length. The
span lengths were 3.2 and 3.2 m in Case 1, which were the same as those of the experimental model,
and 4.8 and 1.6 m in Case 2. The height of the superstructure was 5.9 m, and the footing beams were
pinned to provide support in both models. The roof and beam of the experimental model were
modeled with a rigid brass plate (t = 10 mm in the model scale), was not realistic because the bending
stiffness was much larger than that of the other structural members. Additionally, the bending
stiffness of the footing beams in the experiment was slightly lower than that of the actual building.
Therefore, the bending stiffness of the superstructure beam and footing beam in the analysis model
were assumed to be 4.5 and 18.0 MN/m2, respectively. The bending stiffness of the columns and
piles was the same as that of the experimental model.

5.9 m

EI of superstructure beam: 4.5 MNm2
EI of column: 9.0 MNm2
3.2 m 3.2 m

(a) Case 1

4.8 m

1.6 m

EI of footing beam: 18.0 MNm2

(b) Case 2

Figure 10. Separated superstructure analysis models with variation in span length.
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In the integrated model analysis of the soil–pile–superstructure system, the effects of pile spacing
and soil deformation were disregarded. The other soil spring and pile conditions were the same as
those described in the previous section. The structural conditions, such as the bending stiffness of
the footing beam, columns, and superstructure beam, were the same as those of the separated models.
Effects of vertical pile displacement on axial load at columns and pile heads
First, the inertial force of the superstructure, 800 kN, was applied to the superstructure beam of the
integral model leftward. The evaluated bending moment and vertical displacement at the pile heads
are listed in Table 1. Subsequently, the inertial force of the superstructure, the bending moment at
the pile heads, and the vertical pile displacement were applied to the separated superstructure models
as external forces, as shown in Figure 11.
Table 1. Evaluated bending moment and vertical displacement at pile heads based on integrated
analysis model.
Inertial force
(kN)

Locatio
n

superstructure

Pile A
(Front)

Pile B
(Middle)

Pile C
(Back)

Pile A
(Front)

Pile B
(Middle)

Pile C
(Back)

Case 1

800

137

279

137

-1.8

0

1.8

Case 2

800

189

216

41

-1.4

-1.3

2.9

(a) Inertial force of
superstructure, F

Bending moment at pile head
(kNm)

Vertical displacement of piles
(mm) Positive: Upward

External
forces

(b) Bending moment
at pile head, M

(c) Vertical displacementat
pile head, D

Figure 11. Inertial force of superstructure, bending moment at pile heads, and vertical pile
displacement applied to separated superstructure models as external forces.
The axial load variations of the columns and pile heads caused by each external force, estimated
using the integrated model and separated superstructure model, are shown in Figures 12 and 13,
respectively. The support reactions of the separated superstructure model were assumed to be the
axial load variations at the pile heads. The sum of the axial load variations for the separated
superstructure model corresponded to those of the integrated models. In Case 1, where the distance
between the columns was equal, the axial load variations of the columns and pile heads for the
separated superstructure model were primarily due to the inertial force of the superstructure. The
contributions of the axial load variation caused by the inertial force of the superstructure were 98%
for the columns and 81% for the pile heads. The axial load variation was not due to the vertical
displacement. This indicates that the axial load variations of the columns can be evaluated based on
the inertial force of the superstructure. In this study, the axial load variations of the pile heads were
evaluated not only based on the inertial force of the superstructure, but also based on the bending
moment at the pile head.
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In Case 2, where the distance between the columns was not equal, the vertical displacement
significantly affected the axial load variations. The direction of the axial load variations of the
columns and pile heads in the middle and back rows caused by vertical displacement were upward
and downward, respectively. These directions were opposite to those caused by the inertial force of
the superstructure. As such, it was inferred that the superstructure separated model based only on
the inertial force of the superstructure overestimated the columns and pile heads in the middle and
back rows. By contrast, the direction of the axial load variations of the pile heads in the front row
caused by vertical displacement was the same as that caused by the inertial force of the
superstructure. Hence, the superstructure separated model based only on the inertial force of the
superstructure underestimated the pile heads in the front row. In the case where the distance between
the columns was not equal, the axial load variations at the columns and pile heads could not be
evaluated appropriately using the superstructure separated model, which considered the pile head
bending moment and inertial force of the superstructure. Therefore, the vertical displacement at the
piles should be considered.
CONCLUSION
An integrated analysis model comprising soil, a single row of piles, a foundation beam, and a
superstructure was proposed. The bending moments, shear forces, axial load variations, and vertical
displacement at the pile heads estimated using the integrated model were consistent with the results
of the dynamic centrifuge test. The effects of the vertical displacement of the piles during an
earthquake on the axial load variations of the columns and pile heads were investigated using an
integrated model and a separated superstructure model, in which the footing beam was pinned.
When the distance between the columns was equal, the effects of vertical displacement on the axial
load variation of the columns and pile heads were negligible. However, when the distance between
the columns was not equal, the axial load variations at the columns and pile heads could not be
evaluated appropriately using the superstructure separated model, which considered the pile head
bending moment and inertial force of the superstructure. Hence, the vertical displacement at the piles
should be considered.
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An alternate to monopiles to support offshore wind turbines is the use of jacket structures founded
on suction buckets. These foundations have been successfully deployed in recent developments in
the North Sea (and elsewhere). Suction buckets have been proven to be a viable foundation concept
due to the relatively fast and low-noise installation, as well as their general applicability for a wide
range of soil-conditions and their suitability to deeper waters. However, the behaviour of bucket
foundations subject to both long and short term uplift loading in coarse grained soil remains an area
of ongoing research. For the centrifuge testing in this project, soil was provided from an Asian
offshore site – and the combination of silt size particles, water pore fluid and faster loading rates was
used to replicate the drainage conditions during the loading of a full-scale bucket foundation in sand.
Initial self-weight penetration of the skirts was followed by suction installation, with in-placetesting
then undertaken to explore both monotonic and cyclic performance. This paper presents selected
results from the testing, including the foundation response to cyclic (storm) loading applied
symmetrically around average vertical loads close to zero.
INTRODUCTION
Harnessing offshore wind energy is playing a critical role as individual countries strive for net-zero
carbon emissions (IRENA 2021). There are different types of foundations for the structures that are
being used to support wind energy generators, which depend on water depth and stratigraphy. Of
these different types of foundations, the suction bucket jacket with multiple buckets has been shown
to be an alternative to other foundation systems due to low acoustic emissions, no requirement for
expensive installation equipment, rapid installation [for example the Aberdeen offshore wind farm,
where the installation of about 10m diameter buckets took less than two and half hours (Dekker
2018)], and ease of foundation removal after decommissioning the wind generator.
Our understanding of the behaviour of suction buckets in coarse grained soil (predominantly clean
silica sands) has been advanced by conducting physical model tests on the laboratory floor or in
geotechnical centrifuges. Centrifuge model testing is based on achieving stress similitude between
reduced (1:N) model scale tests and a full-scale prototype to correctly model the soil response
(Schofield, 1980). However, the shorter drainage path lengths in reduced scale experiments leads
to flow rates that are N times faster, and consolidation times which are N2 times faster, than in the
prototype if the same soil is used. Consequently, in order to correctly represent either the flow (for
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installation) or pore pressure accumulation/dissipation (for cyclic loading) conditions in the
centrifuge model, it is necessarily to increase the loading rate (or frequency) and/or reduce the flow
rate (or rate of drainage) with the soil. Most conventionally (Bienen et al. 2018a; Low et al. 2020)
similitude is obtained by increasing the viscosity of the pore fluid, e.g. by the addition of cellulose
ether or by the replacement of pore water with silicon oil. This approach has the disadvantage that
saturation of the sample with the high viscosity pore fluid is time consuming and has the potential
that the fluid may affect the mechanical properties of the soil.
In this study it was decided to focus on capturing foundation response to cyclic loading, rather than
installation. Here, the prototype bucket response in a clean sand is investigated by utilizing a model
soil (a silty sand) with similar mechanical properties to the sand of interest but with a much lower
permeability (and hence coefficient of consolidation) – even though water was used as the pore fluid.
Combined with modest factoring of wave frequency, this achieved pore pressure
accumulation/dissipation similitude between the model and prototype during cyclic loading. The
model soil used in this study is a natural silty sand containing approximately 40% silt-sized particles
obtained from an Asian offshore wind farm site. Element tests on both the natural sand (prototype
soil) and the silty sand (model soil) displayed broadly similar undrained monotonic and cyclic
response.
EXPERIMENTAL DETAILS
The experiments were carried out in a natural silty sand containing approximately 40 % silt size
particles and therefore required a different approach than the conventional methods used to prepare
centrifuge samples. The following sections describe the sample preparation, test setup and testing
procedures for the suction bucket tests performed.
Apparatus and Model
The soil characterization and model experiments reported here were carried out at 100g in the 3.6 m
diameter beam centrifuge at the National Geotechnical Centrifuge Facility (NGCF) at the University
of Western Australia (UWA). A soil sample prepared in a strong box of 390 mm x 650 mm x 325 mm
was used for the testing.
An aluminium suction bucket model of 80 mm diameter, 40 mm height and 0.5 mm wall thickness
was used, corresponding to prototype dimensions of 8 m x 4 m x 0.05 m respectively. The modelled
bucket is smaller than typically considered for wind farms recently. However, the dimensions were
chosen to be consistent with previous studies (Bienen et al. 2018a; Low et al. 2020) and are
considered appropriate to investigate general cyclic bucket behaviour. The model was instrumented
with two total pressure transducers, one each on the bottom and top of the bucket lid, and a pore
pressure transducer at the lid invert. The roughness of the skirts was measured at ~ 0.8 µm.
Figure 1 shows the centrifuge setup for the suction bucket tests. An actuator was used to control the
bucket installation and apply the cyclic loading. An external load cell of 3 kN capacity attached to a
shaft that connects to the lid of the bucket was used to measure the load during different stages of
testing. The bucket vertical movement was tracked using an independently mounted linear
displacement transducer (LDT) placed on the bucket. Suction installation was achieved with help of
a syringe pump that extracts the fluid from inside the bucket to generate differential pressure across
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the top plate. A three-way valve was used on the bucket to either vent the bucket interior to the
ambient fluid, connect it to the syringe pump or to close the hydraulic connection through the bucket
lid. A pulley controlled by an electric motor was used to operate the three-way valve while a camera
was used to monitor the operations remotely.

Figure 1. Test setup
Soil Characteristics
The soil used in the study was sampled from an offshore site in Asia, containing about 40% of silt
size particles and with any larger particles (such as shells) removed prior to sample preparation.
Sufficient water was added to ensure that the soil was ‘workable’ and the sample left for 24 hours to
equilibrate the moisture content.
Sample preparation involved moist tamping to reach an initial density followed by base saturation
while the sample was in a hydraulic press under an applied vertical stress of 40 kPa. At this time,
the permeability of the soil was measured to be approximately 5 x 10-9 m/s. A sequence of preloading
cycles were then applied in a hydraulic press and the centrifuge itself, followed by 10 mm diameter
model piezocone penetrometer tests (PCPTs) to confirm (a) that the sample was homogenous across
the sample and (b) that the cone resistance profile approximated a target field cone resistance profile.
Figure 2 shows the tip resistance, qc, across the strong box, along with an average profile. The tests
shown here were performed at a relatively fast rate (of 3 mm/s at model scale) and are expected to
be partially drained, while some other tests were done at slower (drained) rates. Due to their large
prototype size, the centrifuge qc needs to be corrected for shallow depth effects – which was assessed
in this study based on a method given in Senders (2009), originally derived for sandy soil. The
resulting ‘corrected’ average cone profile is also shown in Figure 2. Further corrections for drainage
may also be warranted but are not assessed in this paper

40

Figure 2. Profiles of cone tip resistance (prototype scale)
An important feature of these tests was that the prototype water depth was set at 20 m, which is
sufficient to minimize cavitation in the soil during uplift loading under the tested cyclic loading
conditions.
Testing Procedure
All the tests reported here were performed ‘in flight’. Only a brief summary of the procedures for
suction installation followed by cyclic loading is given here, with more details provided by Bienen
et al. (2018a) and Low et al (2020). The steps followed were as follows:
1. In the self-weight installation phase, the bucket was lowered at a rate of 0.1 mm/s (model
scale) until a target self-weight stress (i.e. vertical load, V / plan area, A) of 22 kPa was
achieved. This pressure was then held constant for the remainder of the installation.
2. During the suction installation phase, the rate of water evacuation from the bucket resulted
in a bucket penetration rate of about 0.16 mm/s (model scale), and it took about two and a
half minutes (model scale) to install the buckets.
3. Following installation, the suction pressure was removed and a vertical load of 30 kPa was
applied to the bucket. A series of 400 vertical pre-shearing cycles were applied (to simulate
small cyclic events after installation) with an amplitude of ±1 kPa superimposed on the
30 kPa static load. These pre-shearing cycles were applied at a frequency of 0.6 Hz.
4. Depending on the test plan, either monotonic loading (uplift or compression) or cyclic
loading was applied after the pre-shearing was completed.
RESULTS AND DISCUSSION
The results presented in this paper are given in prototype scale or non-dimensional form.
Displacements were normalised by the bucket skirt length (L). Positive values indicate compression
and downward movement, whereas negative values represent tension and upward movement.
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Suction Bucket Installation
The installation resistance of selected suction bucket tests during self-weight and suction penetration
are shown in Figure 3. The self-weight penetration resistance measured in each depth – to a depth
of about 1.6 m (prototype scale) – was almost identical in each test. After self-weight installation, a
short ‘waiting period’ was allowed to switch the valve from vented to pump and to dissipate any lid
invert pore pressure that was developed due to the valve operation. During this waiting period the
soil around the bucket consolidated and minor settlement of the bucket was observed. When the
suction installation was started, an increase in the penetration resistance (reflected as an increase in
required suction pressure) was seen in all tests, which is believed to be associated with this
consolidation.
(a)

(b)

Figure 3. Suction bucket installation response: (a) self-weight and suction and (b) normalised
penetration rate
Predictions of installation resistance with depth for the suction phase are also shown in Figure 3a.
The CPT based method given in Senders and Randolph (2009) for sandy soil was used with friction
coefficient (kf) = 0.0045 and end-bearing coefficient (kp) = 0.2, along with the corrected qc profile,
with these values obtained by fitting the prediction with the measured resistance during the selfweight installation stage. As various combinations of kf and kp can give similar penetration prediction
profiles, the appropriateness of the selected kf was checked against a slow vented pull-out test. It is
noted that the value of kp is lower than often referenced (e.g. DNV, 1992) and the reasons for this
are currently unclear. During the suction phase, the 'jacking prediction' assumes full skirt friction
and tip end bearing resistance, while the 'suction prediction' is based on full seepage flow and so
excludes tip end bearing (and assumes the flow has minimal impact on skirt friction).
The CPT-based prediction of penetration resistance does not account for any soil consolidation
between the self-weight penetration and suction installation phases, and hence under-predicts the
suction required at the start of suction penetration. This initially enhanced resistance gradually
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reduces as the bucket penetrates further, until the resistance profile falls between the jacking and
suction prediction curves.
A second observation is that the resistance does not drop to the suction prediction curve. While
Figure 3b implies there is limited flow through the soil – which is consistent with the use of silty
sand in the model and the adopted installation rate – this does not necessarily mean that seepage has
not established, as even full seepage can be associated with low flow volumes. Other factors may be
influencing the observed resistance.
Monotonic Capacity
Figure 4 shows the uplift and compressive capacity of the bucket measured in three monotonic tests.
One slow pull-out event (test B1) was conducted (with the bucket vented) at a rate of 0.001 mm/s
(model scale) up to a displacement of 0.1D, to measure the drained uplift resistance (due solely to
interface friction). Using a sealed bucket, rapid tension (B2) and compression (B3) tests were also
performed at a velocity of 3 mm/s, which is believed sufficient to achieve (largely) undrained
conditions. For each test the solid line on Figure 4 is the measured resistance (V/A) and the
corresponding excess pore pressure (Du) is presented as dashed lines.
The prediction of the vented slow (drained) pull-out resistance using kf = 0.0045 (noted above) is
also shown in Figure 4, with a peak of around 18 kPa predicted.

Figure 4. Suction bucket response to monotonic loading
The fast extraction and compression profiles show that there is a considerable excess pore pressure
mobilized during monotonic loading (as expected). The rapid extraction resistance is higher than the
suction developed under the lid invert, suggesting the capacity is not only dictated by the suction
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but also the contribution from external skirt friction. In compression, the difference between excess
pore water pressure and the measured resistance is even higher than in tension. The reasons for this
are not fully understood and require further investigation, but may be due to either (a) higher external
radial stress as the bucket is penetrated leading to higher external friction; or (b) changes in effective
stress below the soil plug due to partial drainage. These arguments may also explain the overall
difference between tension and compression resistance, with the tension response not expected to be
influenced by cavitation at these levels of resistance.
Response under Vertical Cyclic Loading into Tension
The vertical cyclic loading tests aimed to investigate how an average load – biased either into slight
tension or slight compression - would influence the bucket response during random storm loading.
The ‘storm’ pattern was generated based on field experience, with an initial build up phase, followed
by cycling interspersed with regular (but individual) large cycles of load, and a final phase of lower
load amplitude cycles.
The same cyclic loading pattern was adopted for tests B3 and B4 with the only difference being that
these cycles were applied around an average (compressive) stress of 1 kPa (test B3) or an average
(tensile) stress of -4 kPa (test B4). For test B4, the average stress is estimated at about 20% of the
peak drained uplift resistance measured in test B1.
The cyclic loading sequences were designed to model a storm with a duration of around 18 hours.
The range of measured permeability of the coarse grained soil from the offshore site under of interest
was 10-4 to 10-6 m/s (similar to that reported for other offshore sands, e.g. North Sea sand with
permeability of around 10-5 m/s as reported by Bjerrum, 1973). When combined with the ratio of
permeability (between model and field), correct scaling of drainage was achieved by performing the
tests with a cyclic loading rate 4-5 times faster in the centrifuge than for the prototype storm.
Figure 5 shows the applied vertical stress (V/A), excess pore pressure (Du) at the lid invert and
relative normalised displacement (Dz/L) against prototype time for both cyclic tests.
During the first stage of cyclic loading (until around 7200 s), when load amplitudes of up to 40 kPa
were applied, both buckets show a similar trend of uplift movement. This trend is reversed once
higher amplitude loads are applied, with both buckets settling, but with the bucket under a slightly
compressive average stress (test B3) settling at a faster rate. As the test proceeds, the accumulation
of displacement stabilizes, resulting in a final accumulated normalized settlement Dz/L = 0.0019
(test B3) and 0.0001 (test B4). This shows that a slight difference in the average load can lead to
significant differences in the accumulation of displacement for the studied case, which is consistent
with the published database (Bienen et al., 2018b; Low et al., 2020; Stapelfeldt et al., 2021).
Throughout the tests, the pore pressure cycled in phase with the applied load, indicating an
approximately undrained response within each cycle (i.e. the transient pore pressures reflect the
transient changes in total stress generated on the top cap). This observation is confirmed by analysing
Figure 6, where the applied stress amplitude D(V/A) and measured excess pore pressure (Du) are
compared for the same 160 second period within each test. Despite minor differences in the applied
load amplitude, the excess pore pressure was found to vary almost linearly with the applied load and
was on average ~59% of V/A. This indicates consistent drainage in both tests, and that there was no
(significant) accumulation of excess pore pressure at the lid invert from earlier cyclic loading in the
test (which would have led to a bias in the measured excess pore pressure at the lid invert).
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Figure 5. Suction bucket response to cyclic loading (prototype scale)

Figure 6. Applied stress amplitude and excess pore pressure against time
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Figure 7 shows the applied stress and excess pore pressure against relative displacement, with the
response for the peak load highlighted. The loading stiffness was calculated for selected cycles
taking the ratio of the change in (peak to trough) vertical load and measured vertical displacement
(=ΔV/Δz). For the load cycle highlighted in Figure 7 (representing the largest amplitude cycle in
Figure 6) the loading stiffness was moderately (around 15%) higher for B3 relative to B4. However,
the difference appears more pronounced for smaller load cycles – as evident from Figure 8, where
cyclic displacement amplitude appears to be roughly double (across the storm) for the bucket loaded
with 4 kPa average tension load.
By comparing the applied stress and the excess pore pressure in Figure 7, it appears that the load
carried by the skirt (assumed to be the difference between applied stress and excess pore pressure)
exceeds the drained skirt resistance of around 18 kPa measured during the slow uplift test. This may
indicate that the soil around the bucket densified during the early stages of the storm, although more
testing is required to investigate this further.

Figure 7. Applied stress and excess pore pressure against relative normalised displacement

Figure 8. Relative normalised displacement against time
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CONCLUSIONS
A series of centrifuge tests investigating suction bucket monotonic and cyclic response in coarse
grained soil are presented in this paper. Typical drainage conditions (i.e. close to undrained during
individual wave cycles but close to fully drained over the full duration of the entire storm event)
were modelled by using a natural soil (silty sand) with the same general mechanical response but
with a larger fines content than the prototype sand – both sampled from an Asian offshore wind farm
site.
The tests suggests that suction bucket installation in this natural soil is predictable using CPT-based
methods developed for (clean ‘laboratory’) sandy soils – albeit the (relatively fast) penetration rate
used in this study did not fully model the flow conditions that may be expected in the prototype sand.
Subjecting the suction bucket to cyclic loading into tension confirmed that the excess pore pressures
beneath the bucket lid cycles with load amplitude (reflecting the total stress changes and implying
close to undrained response during individual load cycles) and that the buckets were able to
withstand transient loading into tension well beyond the drained frictional capacity. Such storm
loading events led to small initial uplift movement during the storm ramp-up, followed by
accumulated downward displacement (settlement) later in the loading sequence. The final
accumulated settlement appears sensitive to the value of the (low) average stress. The unloading
stiffness also seems to be affected by the average stress within the range investigated here.
The centrifuge test results on this natural soil tie in well with the existing body of literature of suction
buckets in coarse-grained soil, providing a useful basis for further testing of soils from offshore sites.
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In the construction of a large-section shallow-covered rectangular pipe-jacking tunnel, surface deformation
and jacking force are the two key aspects of construction safety. Through simultaneous injecting, a mud
screen is formed around the jacking pipe, which can reduce the jacking force and the surface deformation.
It can support the soil, prevent the soil from collapsing, reduce the deformation of the soil and the uplift and
settlement of the ground. By studying different slurry materials and anti-friction slurries with different
mixing ratios, it is concluded that bentonite, CMC, polyacrylamide, HS-3 and other materials have different
affects on physical parameters such as thixotropy, shear force, fluid loss rate, and mud thickness. In
combination with the actual engineering of a large-section shallow-covered rectangular pipe jacking, the
slurry ratio optimization and scale model test are carried out. Among them, CMC can effectively reduce the
filtration rate, HS-3 can effectively improve the dynamic shear force and thixotropy by improving the
dispersibility of bentonite. A good slurry should be in a balanced range for all indicators And different
effects of different slurries on the jacking force and surface deformation under a specific soil layer are
obtained. The research results provide a theoretical basis and reference significance for the selection of antifriction slurry during the construction of large-section rectangular pipe jacking in the future.
Key words

model test, pipe-slurry-soil system, mud screen, simultaneous injection, pipe jacking

INTRODUCTION
The rectangular pipe jacking method uses special construction techniques during the construction of
pipelines and passages, and excavates as little as possible to the ground, so as to minimize the damage to
the city’s underground space. However, different from a circular shield tunnel, the flatness in the top of a
quasi-rectangular shield tunnel disrupts the flow of slurry, which may cause silting-up at the top of the
segment and promote non-uniform settlement. Therefore, simultaneous injecting will be carried out during
the pipe jacking construction process to form mud sleeve around the jacking pipe. The first reason is to act
as a lubrication, and to change the dry friction between the concrete pipe and the soil into wet friction,
reducing the jacking resistance; and the second is to fill and support the gap between the pipe and the soil
during construction. Meanwhile, it prevents the soil from collapsing under the injecting pressure, reduces
soil deformation, and stabilizes the tunnel. The quality of the mud screen has a lot to do with the construction
technology and the types of anti-friction mud. Different projects have very different requirements for the
properties of anti-friction mud. And the type and ratio of material need to be selected according to the
engineering situation. Huang et al. (2019) carried out the mud performance test by designing anti-friction
muds with different mix ratios, and obtained the influence law of bentonite and polyacrylamide on the mud
performance. Wang & Long (2014) studied the influence of polyacrylamide, potassium humate and graphite
powder on anti-friction mud effect and protection performance, and the optimal mud formula was obtained
through orthogonal test design Wang & Liu (2016) carried out indoor mud performance tests to study the
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influence of bentonite, soda ash, CMC and PHP on mud performance, and the mixing ratio of thixotropic
mud was determined. Zhou (2016) combined engineering practice, and studied a new type of anti-friction
mud of bentonite + polymer material, and the results show that the implementation effect of the anti-friction
mud is good. Reilly et al. (2017) used the traditional direct shear device and the new triaxial test device to
conduct a series of interfacial friction tests. For coarse-grained soils, the main action mechanism of the pipe
jacking lubricant is to generate excessive pore water pressure in the soil near the interface to reduce the
effective local stress on the pipeline.
In summary, there have been many related studies on the test of anti-friction mud mix ratio. This paper
based on Shanghai Luxiang Road Pipe Jacking Tunnel Project carried out simultaneous injecting test of
scale model and studied the effects of different materials and ratios on the properties of the slurry. Provide
certain meaningful significance for follow-up similar projects.
PERFORMANCE INDICATOR TEST OF ANTI-FRICTION SLURRY
Performance Indicator Description
Due to its good rheological properties, bentonite antifriction mud has a wide range of applications in
engineering. There are also multiple indicators for its performance description. Such as dynamic shear force,
static shear force, apparent viscosity, plastic viscosity, funnel viscosity, filtration rate, water separation rate
and other indicators. Considering the specific situation of this project, this paper is going to select three
indicators of thixotropy, dynamic shear force and filtration rate for performance description.
Thixotropy
The bentonite becomes a suspension after adding water and stirring. When the suspension is still, the flakeshaped smectite particles will undergo flocculation from the dispersed state and become a gel. When the
slurry is stirred, vibrated or pumped, most of the particle structure will be destroyed, dispersed, and
transformed into a viscous and fluid colloidal liquid. When the suspension is in a static state again, it will
form a gel. The structural alternation between this colloidal liquid and the gel can occur countless times,
this characteristic is called thixotropy. The thixotropy of bentonite slurry helps reducing friction between
the jacking pipe and the strata when it moves between strata, when it is stationary, it becomes a gel to
support the strata.
Dynamic shear force
The dynamic shear force reflects the magnitude of the interaction force between the clay particles, the clay
particles and the polymer molecules in the laminar flow of the antifriction mud, that is, the strength of the
ability to form a spatial network structure, and the performance of the strength of the structural viscosity.
Higher dynamic shear force has strong silt suspension force. However too high dynamic shear force will
increase the pumping resistance, and restart resistance after stopping drilling. If the dynamic shear force is
too low, the anti-friction mud lacks the ability to suspend the sand.
Filtration rate
Under soil pressure, the water in the slurry will permeate and drain, and penetrate into the well wall, tunnel
wall or soil pores. The solid particles adhere to the inner diameter of the pores and block the pores. After a
period of time, a barrier layer with low permeability is formed, and a dense mud cake is formed on the wall
of the well or tunnel to make the mud wall more stable and prevent the infiltration of groundwater and the
loss of water from the mud, that is, the wall-making effect of the mud. Slurry with low filtration rate will
form a mud wall with good water impermeability. This kind of mud wall has a dense structure and high
strength, and it has good wall-building performance. Conversely, the slurry with high filtration rate will
have poor water impermeability, loose mud walls and poor structural stability.
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Slurry Performance Measurement
For dynamic shear and thixotropy indicators, the ZNN-D6 six-speed rotary viscometer is selected for
measurement, and the filtration rate is selected by the ZNS-5A drilling fluid loss tester. For the specific
operation process and calculation formula, please refer to Yang 2010 . During the test, the funnel
viscosity and mud thickness were also measured as auxiliary reference indicators. Figure 1. shows the
required test equipment, from left to right are the six-speed rotary viscometer, fluid loss tester and Markov
funnel. In the slurry preparation process, use a professional agitator to stir at a constant speed for 30 minutes,
then let it stand for 5 hours to fully expand, and then measure the indicators, measure each indicator 2 times
or more, and then take the average value to reduce the error.

Figure 1.Test instruments

Figure 2. Mud cake thickness measurement

ANALYSIS OF TEST RESULTS
According to literature reading and preliminary simple experiments, the proportion of cmc is selected as
0.2%, and the proportion of soda ash is 0.4%. By gradually increasing the concentration of bentonite, we
can observe its influence on dynamic shear force, thixotropy and filtration rate. Figure 3. shows that as the
content of bentonite increases, the dynamic shear and thixotropy gradually increase, the filtration volume
decreases, and the physical properties of the slurry become better.
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By adjusting the concentration of cmc under different concentrations of bentonite, observe its influence on
dynamic shear force, thixotropy and filtration rate. Figure 4. shows that cmc has a good effect on reducing
filtration rate, but it also requires a certain amount of bentonite.It has a significant effect on the improvement
of dynamic shear force, but it is not very obvious for the improvement of thixotropy.
The content of bentonite and HS-3 in the slurry is fixed as 8%, and then by continuously increasing the
proportion of HS-3 in this 8%, to understand the law of its influence on the three indicators. It can be seen
from Figure 5. that HS-3 has great advantages in increasing thixotropy. It can increase the dynamic shear
force, however the filtration rate has little difference.
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Figure 5. The effect of HS-3

By comparing cmc+HS-3 and only HS-3, we observe the influence of the two on the properties of the slurry.
Under the condition without cmc, as the proportion of HS-3 increased, the dynamic shear force and
thixotropy gradually increase, but it cannot achieve a state of coordination between the two: the thixotropy
is relatively good and the dynamic shear force is not very large. But after adding cmc, it was found that a
more coordinated state can be achieved, where the thixotropy is 9.2pa, the dynamic shear force is 34.7pa,
and the filtration volume is 7.8ml.
PAM has flocculation, viscosity improvement, and lubrication. On the basis of bentonite, the combination
of PAM and HS-3 and the combination of PAM, cmc and HS-3 are carried out. As the content of PAM
increased, various indicators increased steadily, but after adding cmc, there was a decline in indicator data,
and as the content of PAM increased, the indicators fell more. The lubrication effect of PAM cannot be
reflected in the currently selected indicators, and it needs to be verified in the actual scale model test.
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CONCLUSION
The goal of the making slurry is to make the main driving indicators reach a reasonable range, not the higher
the better, and it must be selected according to the stratum characteristics and engineering characteristics.
Compared with HS-3 and PAM, CMC has great advantages in reducing filtration rate. HS-3 itself is a
honeycomb floc. By improving the suspending ability of bentonite and increasing the dispersibility, it can
improve the dynamic shear force and thixotropy.In the case of low content of bentonite, the addition of
HS-3 can quickly improve the performance of the slurry, but ultimately it is also limited by the content of
bentonite. PAM has the effect of flocculation, lubrication and drag reduction.
When actually choosing the slurry, it is necessary to select the additives reasonably to improve the
properties, and do not add all the additives.
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researches were done to illustrate the mechanical behavior of LDSTP socketed into rock. Most
available literatures are based on the concrete shafts socketed into soft rock Reese (1997); Carter
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generated near the rock surface dominates the overall behavior of such structures. Also, several
factors such as pile conditions (diameter, embedment depth, thickness), ground conditions
(strength and stiffness), and loading conditions (loading height and loading type: monotonic or
cyclic) govern the behavior of pile Arany et al. (2017). However, the deformation and failure
mechanism of rock socketed LDTSP was not thoroughly investigated by physical modeling, or
real field test may be due to the difficulties in the modeling such massive structures in the
centrifuge.
This paper aims to discuss the mechanical behavior of LDSTP socketed in the soft rock by
physical modeling. The effect of different factors like rock socketing depth (d r) and loading type,
etc. is addressed in this paper. To fulfill the goals, two centrifuge tests were done under 50g
centrifugal acceleration. Two additional small-scale tests were also conducted under 1g to
investigate the applicability of the 1g model to predict the actual pile behavior and reported in this
paper.
MODEL DESCRIPTION AND TEST CONDITION
Model setup and ground preparation
For centrifuge test, two models were prepared: model type 1 with five piles, and model type 2 with
three piles. The details of the models are shown in Figure 1 with dimensions in the model scale.
Piles in Model type 1 have rock socketing depth (dr) 40mm and 60 mm (2m and 3m in prototype
scale) and loading height of 80mm and 130mm (4m and 6.5m in prototype scale). Piles in model
type 2 have rock socketing depth (dr) 40mm, 60mm, and 80mm (2m, 3m, 4m in prototype scale),
respectively, with a loading height of 130mm (6.5m in prototype scale). In total four tests were
done; two tests in the 50g and two tests in 1g conditions. The details of the test conditions are
given in Table 1. The container used in all tests has dimensions of 700mm length, 500mm depth,
and 150 mm width, as shown in Figure 2. Teflon sheets were attached at both sides to prevent the
container wall from cement-treated rock soil. After attaching the Teflon thick acrylic plate stack
was tightly placed in the container bottom to reduce the depth to 200mm. After placing the acrylic
plate, the side of the container wall and acrylic plate was sealed by silicon paste to prevent
moisture losses during the ground preparation.
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Figure 2. Model container and pile used for test.
Table 1 Test conditions, and the properties of model pile
Model
Pile Notation rock
socketing Loading height: Pile Properties
No.
depth: dr {dr/Φ}
HL {HL/Φ}
Φ, t, EI , My, Mp
SP-SR-40
40 mm {1.0}
60 mm {1.5}
130 mm {3.25}
Model-3 SP-SR-60
(Type 1) SP-SR-60Fill 60 mm {1.5}
1g
SP-SR-40-L
40 mm {1.0}
Φ= 40 mm (2 m)
80 mm {2.0}
SP-SR-60-L
60 mm {1.5}
t =0.5mm (25mm)
Model-4 SP_SR_2 (*) 40 mm (2m)$ {1.0}
EI=2.34x10-6GNm2
130 mm {3.25}
(Type 2) SP_SR_3
60 mm (3m) {1.5}
(14.6 GNm2)
(6.5m)
50g
My=1.54x10-4 MNm
SP_SR_4
80 mm (4m) {2.0}
(19.3 MNm)
40 mm (2m)$ {1.0}
Model-8 SP_SR_2x
130 mm {3.25}
x
Mp=1.99x10-4 MNm
(Type 2) SP_SR_3
60 mm (3m) {1.5}
(6.5m)
(24.9 MNm)
50g
SP_SR_4x
80 mm (4m) {2.0}
40 mm {1.0}
Model-9 SP_SR_40#
(Type 2) SP_SR_60#
60 mm {1.5}
130 mm {3.25}
1g
SP_SR_80#
80 mm {2.0}
EI: Pile flexural rigidity, My: Bend moment causing pile yielding, Mp: bending moment causing
pile plastic failure, *Preloaded prior to the test without instrumentation before centrifugation, $:
prototype scales under 50g are given in parentheses
Model tubular piles used in this study were thin wall pipes with diameter (Φ) 40mm outer and
0.5mm thickness as shown in Figure 2, made of stainless steel (SUS304). The pile has Young’s
modulus (E) 193 GPa and yield stress (σ y) 255 MPa. First, a pile cap was attached at the top of
each pile and fixed with scotch to ensure no unnecessary rotation from the loose attachment of the
pile cap and pile. After that, strain gauges (SG) were attached throughout the pile length to
measure the bending strain. After attaching the strain gauges to the pile, epoxy resin was used to
coat the strain gauges so that the strain gauge does not get damaged while installed inside the rock
ground, also protected from the surrounding environment. Finally, calibration was performed to
check the performance of SG.
Artificially prepared sand rock (mixed with cement, sand, clay, and water by maintaining an
appropriate ratio) was used as a ground condition. Unconfined compression and triaxial
compression test with different confinement conditions (50, 100 & 200 kPa) were conducted on
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the molded sample of 5cm diameter and 10cm height on the 14th day of curing. The stress-strain
relationships observed from the test are illustrated in Figure 3. From stress-strain behaviors
between unconfined and triaxial compression tests, it is seen that the rock showed similar stiffness
at small strain levels, although confinement conditions are different. From the triaxial test, it can
also be confirmed that rock strength will increase with the increase of confinement pressure. From
Figure 3, unconfined compressive strength (q u) of 1.4 MPa was selected as the target rock strength,
which can be achieved on the 14th day of curing. So, for each experiment, the ground was made 14
days before the experiment. The detailed preparation of soft rock and its properties were reported
by K. Vijay (2015, 2018, 2019). Immediately after completing the ground preparation pile was
installed in the ground. A guide was used so that pile can be installed in its designated location
without tilting. After installing the pile, it was confirmed that no tilting occurred with the help of
the balance. Finally, after installing the three piles, a safety plate was used so that the pile could
not move during the first three days of the curing process.
Loading technique
Mark III centrifuge of Tokyo Tech was used to conduct the tests. The sequence of pile loading
was; short pile (dr= 40mm) followed by medium pile (dr= 60mm) and large pile (dr= 80mm). In
both the 1g & 50g models, after the failure of each pile, the centrifuge is stopped and then
rearranged the setup for the next pile. A one-way horizontal cyclic load was applied to the pile top
by controlling the displacement with a 0.5mm/min loading rate.
EXPERIMENTAL RESULTS AND DISCUSSIONS
A typical loading sequence and the definitions followed in this paper are shown in Figure 4. It is
seen that the load-displacement curve during reloading takes a unique shape which is named as
backbone curve in this paper. The slope of each reloading cycle is measured to calculate the
stiffness change of the rock by previously imposed displacement. Furthermore, the displacement at
the beginning of each reloading sequence is considered as residual displacement accumulated by
the previously imposed displacement.
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Figure 5. Applied loading sequence in all tests
For easy comparison between the centrifuge model and the 1g model, all the discussions are based
on the model scale unless stated otherwise. The pile SP-SR-2 has been excluded from the
discussion because of the preloading the stiffness and resistance could not be obtained in the intact
condition for the small displacement range.
Effect of rock socketing depths
The loading sequences applied in different tests are shown in Figure 5. Observed from the loaddisplacement relationship, with the increase in rock socketing depth, the mobilized pile resistance
also increased. To further discuss the effect of rock socketing depth, the piles with similar
conditions (same loading height & plugging condition) are considered. The backbones curves
observed for different piles with different embedment depth ratio (d r/Φ) are shown in Figure 6.
Here the pile top displacement is normalized by pile diameter. For both centrifuge and 1g models,
mobilized lateral resistance by the piles increased with rock socketing depth. In SP-SR-80# and
SP-SR-60#, sudden reduction in lateral resistance can be noticed at an imposed displacement of
about 5%Φ, which may cause by early surface crack formation, as shown in Figure 10. This kind
of early crack formation caused the underestimation of lateral resistance of pile by 1g model at
large imposed displacement, thus limits the reliability of 1g model until crack formation. For
dr/Φ=1, no significant difference between the centrifuge and 1g model can be observed. So, at
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shallow rock socketing depth, the pile behavior may be dominated by large displacement caused
by rotation than the confinement condition.
From Figure 6, the lateral resistance at various pile top displacements (0.5,1,2,10% of pile
diameter) and ultimate resistance (qult) was measured and plotted against the rock socketing depth
in Figure 7. For the centrifuge model, the effect of the rock socketing depth can be confirmed
between dr/Φ=1 & 1.5 at small imposed displacement. However, for d r/Φ=1.5 & 2, a small effect
of rock socketing depth was noticed until 1%Φ imposed displacement. This behavior can be
explained by almost similar early stiffness observed by the stress-strain relation in the unconfined
compression test and triaxial test with different confinement, as shown in Figure 3. Further, this
can be explained from the similar system stiffness observed by d r/Φ=1.5 & 2 as shown in Figure 8
at a small imposed displacement of about 1%Φ. However, the system stiffness observed by d r/Φ=1
is smaller than the dr/Φ=1.5 from the beginning, which may cause the difference in mobilized
resistance, as observed in Figure 7. The effect of rock socketing depth can be confirmed even at
small displacement in the 1g model. From Figure 7, for dr/Φ=1.5 & 2 the applicability of 1g model
could be limited to 1%Φ. However, once the crack form 1g model tends to underestimate the pile
resistance significantly.
To further discuss the effect of the embedment depth, the bending strain measured by strain gauges
at different locations by two centrifuge models are shown in Figure 9. The bending strains were
measured at different pile top displacements (0.5%,1%,4%,10% of pile diameter) and ultimate
resistance (qult). From Figure 9 [a] & [b], small effect of embedment depth can be observed until
1%Φ. This also confirms the behavior observed in Figure 7, by d r/Φ=1.5 & 2 at small imposed
displacement (<1%Φ). From Figure 9 [c] & [d], a significant difference in the bending strain can
be confirmed at ultimate resistance between the two models. For d r/Φ=2, in model 4, the bending
strain is much higher than the plastic moment of the pile. However, in model 8, the observed
bending strain at qult for dr/Φ=2 is much smaller than model 4. The small number of cycles applied
(See Figure 5) in model 4 than in model 8 deteriorate the rock condition later than the former may
cause such behavior.
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Observed ground and pile conditions after the test:
Except Figure 10 (e & f), all the piles from the centrifuge model and 1g model made local cracks
around the pile vicinity, especially at the shallow front side of the pile forming the crashing or
wedge type failure. Only the SP-SR-80# & SP-SR-60# tension crack was extended to both sides of
the container wall. In the SP-SR-2X, no clear failure mode was noticed, so no peak was confirmed
in the backbone curve shown in Figure 6. A better ground condition was observed in SP-SR-4 than
SP-SR-4X. Also, Different modes of failure were noticed, structural failure in SP-SR-4 but ground
failure in SP-SR-4X. These different failure modes caused the difference in the ultimate resistance
and post peak load-displacement behavior, as observed in the backbone curve shown in Figure 6.
Although similar rock properties were used to made the ground, the variation in the number of
cycles, as shown in Figure 5 might cause different modes of failure. This can also be confirmed
from Figure 9 [c] & [d]; bending strain observed by SP-SR-4X is smaller than SP-SR-4 at ultimate
resistance. From these two kinds of failure modes, it can be said that dr/Φ=2 may be considered as
critical rock socketing depth. Further increasing the rock socketing depth will not yield large
lateral resistance by pile under test conditions described in this paper. To understand the rock
surface deformation behavior, two strain gauges were attached on rock surface at the front and
back of the piles in models 3 and 9. Unfortunately, many strain gauges didn’t work. However,
among the strain gauges that worked, only the strain gauge in the front part has been considered,
and the measured strain is plotted against the imposed displacement, as illustrated in Figure 11.
The shape of the rock surface strain and imposed displacement took a similar shape as observed in
the stress-strain behavior shown in Figure 3. From rock strain, elastic response can be confirmed
up to imposed displacement 5%Φ. Beyond this value, non-linear response from the rock can be
expected. The peak rock strain shows different values based on rock socketing depth; large peak
strain for SP-SR-80# than SP-SR-60, SP-SR-60-L & SP-SR-60-Fill as the confining pressure
increase with the socketing depth.
Accumulation of residual displacement
When the pile is subjected to cyclic loading, residual or permanent displacement occurs near the
rock surface, which is one of the critical points for the long-term effect of the pile. This kind of
behavior can also be observed in retaining structures subjected to dynamic loading. The
accumulation of residual displacement with the increase of imposed displacement is depicted in
Figure 12. From Figure 12 [b] & [c], good repeatability can be confirmed in the observed residual
displacement behavior by comparing the centrifuge model. For the centrifuge model, residual
displacement accumulation is almost the same up to an imposed displacement of about 1%Φ.
However, the 1g model fails to predict such behavior, especially for dr/Φ=1, even at small imposed
displacement. From Figure 12 [b], the effect of crack formation (as shown in Figure 10) can be
observed by the 1g model, a large accumulation of residual displacement by SP-SR-60# than SPSR-60.
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Figure 13. Effect of loading height and plugged in condition
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Effect of loading height and plugged in condition
As mentioned earlier, in most of the literatures, the applied loading height is close to the ground
surface thus creating small moment load contrary to the moment load generated by wind turbine or
wall with large retain height. Also, the plugging condition is another factor that affect the
mechanical behavior of the LDSTP. Thanks to the less complication to adjust the load cell at
different height by 1g model, the effect of loading height and plugging condition can be
investigated. The load-displacement & moment load-rotation relationship for different loading
height and plugging condition is illustrated in Figure 13. The effect of rock socketing depth on
moment load can be confirmed from Figure 13 [b]; large moment load for dr/Φ=1.5 than dr/Φ=1.
From Figure 13 [a], it is seen that the mobilized pile resistance by HL/Φ=2 is higher than the
HL/Φ=3.25 which can be confirmed for both dr/Φ=1 & 1.5. Again, the effect of loading height can
be confirmed from the measured bending moment at different depths as shown in Figure 14 [a] &
[b]; small bending moment can be observed for SP-SR-60-L (HL/Φ=2) than SP-SR-60
(HL/Φ=3.25) which can be observed at small imposed displacement. However, from Figure 13 [a]
& 14 [a], [c], no significant effect of plugging condition can be observed.
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CONCLUSIONS
Based on the test conditions and discussion in this paper, it can be concluded that,
1. Based on the centrifuge model and 1g model, the lateral resistance of the pile increased with
the increase in rock socketing depth (dr). As the imposed displacement increased, the effect of
confinement become more visible.
2. Small effect of embedment depth could be observed at small imposed displacement
(δt<1%Φ) for dr/ Φ=1.5 & 2 by centrifuge model. However, the 1g model fails to predict such
behavior. For dr/Φ=1.5 & 2, the applicability of 1g model could be limited to 1%Φ.
3. From two modes of failure (structural and ground failure) observed for d r/Φ=2, it could be
said that the dr/Φ=2 could be considered as critical embedment depth based on the test
conditions given in this paper. Beyond this ratio, no effect of rock socketing depth could be
expected. However, the 1g model didn’t show this kind of failure mechanism for dr/Φ=2.
4. The early crack formation in the 1g model limits the applicability of the 1g model until crack
formation. However, the centrifuge model could reduce the effect of unfavorable crack
formation by 1g model.
5. 1g model could show the effect of the loading height. Less moment load generated by small
loading height increased the mobilized pile resistance. However, no effect of plugging
condition could be observed by 1g model.
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and to understand the current situation of both ahead the cutter head of a machine and inside a
chamber. To make this happen, visualisation technology is a key. Hence, we fabricated two types
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insufficient boring data and soil and ground information. In addition, TBM shield machines are
becoming larger in cross-section, and the properties of the excavated soil may differ greatly even
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pressure model during excavation and standstill. Moreover, when the composition of the soil layer
2019), and difficult construction tasks are sometimes required in situations where there is
in front of the tunnel face changes rapidly, the construction period becomes longer because of the
insufficient boring data and soil and ground information. In addition, TBM shield machines are
time required to change the setup.
becoming larger in cross-section, and the properties of the excavated soil may differ greatly even
in the vertical direction inside the chamber. For example, Yu et al. (2018) proposed the chamber
In order to cope with such situations, it is important to visualise the inside of the chamber and the
pressure model during excavation and standstill. Moreover, when the composition of the soil layer
area around the tunnel face in real time during construction, and to quickly eliminate construction
in front of the tunnel face changes rapidly, the construction period becomes longer because of the
risks caused by soil and ground conditions. Bilgin et al. (2005) reported that the relationship between
time required to change the setup.
thrust force and depth of cut obtained by both laboratory tests and field tests are in good agreement.
As a result, the shield tunnelling construction can be stably implemented while avoiding the
In
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with such situations, it is important to visualise the inside of the chamber and the
construction
trouble.
area around the tunnel face in real time during construction, and to quickly eliminate construction
risks caused by soil and ground conditions. Bilgin et al. (2005) reported that the relationship between
We, therefore, established the sensing technology to visualise around the tunnel face on EPB TBM
thrust force and depth of cut obtained by both laboratory tests and field tests are in good agreement.
shield tunnelling and the inside of the chamber, and to have a better understanding of both the
As a result, the shield tunnelling construction can be stably implemented while avoiding the
composition of the soil layer in front of the tunnel face and the plastic flow of the excavated soil in
construction
the chamber,trouble.
and have fabricated an experimental apparatus that can simulate both the front of the
shield machine and the inside of the chamber. Wei et al. (2020) also studied the effectiveness of soil
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shield machine and the inside of the chamber. Wei et al. (2020) also studied the effectiveness of soil
conditioning. Especially, the foam was adopted for soil conditioning because mechanical and
hydraulic properties of soils can be effectively changed (Wu et al., 2018). The newly developed
cutter bit strain sensor and stirring blade sensor were attached to the cutter head of the experimental
apparatus.
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EXPERIMENTAL APPARATUS
In order to simulate the situation of the front face in the EPB TBM shield tunnelling and the EPB
TBM with foam shield tunnelling, we made a face visualisation experimental apparatus (Figure 1).
The apparatus was designed to reproduce the shear rate at a representative point in the last 20 years
of our EPB TBM shield tunnelling construction works as shown in Figure 2. In addition, the
apparatus was also designed to be able to apply air pressure of 500 kPa (equivalent to a water depth
of 50 m) at maximum in the chamber in accordance with the recent increase in the diameter and
depth of shield tunnelling construction projects.
The apparatus specification is as follows:
l Chamber dimensions: W500mm x H500mm x D500mm
l Cutterhead diameter: f395mm
l Maximum torque: 530Nm
l Maximum rpm: 12.5 rpm
l Maximum stroke: 100mm
l Maximum pushing speed: 60mm/min
0.3
0.2
0.1
0.0
0

Figure 1. Face visualization apparatus.

5,000

10,000
Shield diameter (

15,000
)

Figure 2. Comparison between shear rate and TBM
shield diameter.

NEWLY DEVELOPED SENSING TECHNOLOGY
New sensing technology is needed for visualisation inside a chamber and ahead a cutter head of EPB
TBM shield tunnelling. Hence, we have made two types of sensing sensors: a cutter bit strainsensor
and a stirring blade sensor. The cutter bit strain sensor was designed for visualisation ahead the cutter
head of a TBM shield, while the stirring blade sensor was designed for visualisation inside the
chamber of a TBM shield. Strain gauges are installed to each sensor, so force acting on the sensor
can be converted from strain with the correlations between force and strain obtained beforehand.
Cutter bit strain sensor
The cutter bit strain sensor (Figure 3) is made of steel, and the strain gauges are placed on the
sensor as mentioned above. The sensor is supposed to attach to the cutter head as shown in Figure
4. We can have a better understand of soil layers ahead of the cutter head by means of measuring
the strain. When a hard soil layer is excavated by the machine, the strain should be large. If the soil
layer is rapidly changed to a soft layer, the measured strain should be getting smaller and smaller.
We can quickly cope with changes in the situation using the sensor if the change of the soil layers is
definitely clear.
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Figure 3. Cutter bit strain sensor

Figure 4. Cutter bit strain sensor on cutter head.

Stirring blade sensor
In order to visualise the inside of the chamber of a TBM, it is necessary to quantitatively evaluate
the plastic flow of the excavated soil by sensing technology since the good plastic flow contributes
to front face stability and watertightness. Therefore, a stirring blade sensor which can be attached
to the cutter head inside the experimental apparatus was fabricated as shown in Figure 5. During
the experiment, the stirring blade sensors were rotated at a specified shear rate at the sensor position.
The plastic flow of the excavated soil in the chamber was quantitatively evaluated by themeasured
strain which can be converted to the specific values showing the plastic flowability such as the vane
shear test (ASTM (2018), Figure 6) or the table flow test (ASTM (2020), Figure 7) in accordance
with specific standard based on the country.

VISUALISATION TECHNIQUE
It is essential to visualise ahead of the cutter head and inside the chamber so that construction work
would be stably implemented without any troubles, resulting in effectively shortening construction
period. Two types of laboratory experiments were carried out in this paper. One is for visualisation
ahead of the tunnel face, and the other one is for visualisation inside the chamber.
Considering the actual construction projects, the best way to visualise inside the chamber is to
display the contour as shown in Figure 8 at a control room. By having a look at the contour as shown
in Figure 8, it is possible to have a clear picture of the plastic flow inside the chamber. If good plastic
flow is ensured, the shading difference on the contour diagram should be small, so engineers can
judge that the good plastic flow is ensured inside the chamber. On the other hand, ifthe plastic flow
is poor, the difference in shading on the contour diagram becomes larger, and it is possible for
engineers to add mud additive to the specific area where the plastic flow is relatively poorer than
surrounding areas.
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Around tunnel face
In a series of laboratory experiments in this paper, mudstone was selected for evaluating a soil type
by using the cutter bit strain sensor. However, fluidised soil was used as shown in Figure 9 instead
of the mudstone because it was quite difficult to sample the mudstone as an intact block. The
unconfined compressive strength of the fluidised soil was matched to that of the mudstone whose
average strength is 2.8 kN/m2. In addition to the specimens having average strength, we also
prepared for the specimens with the average strength plus or minus two times the standarddeviation
of 0.5 kN/m2.
The strain was obtained by excavating the fluidised soil with the cutter bit strain sensor rotating in
one direction as shown in Figure 9. The magnitude of the measured strain is proportional to digging
speed since the increase of cutting depth theoretically needs more force, showing the increase of the
measured strain (Figure 10). In addition, the measured strain is also linearly related to the
unconfined compressive strength as shown in Figure 10. These results show that theunconfined
compressive strength can be used to identify the type of soil and consistent with the results of
previous studies. For instance, if the soil type changes from mudstone to alluvial soil, the measured
strain clearly decreases because of its softness. Therefore, it can be clarified what type of soil is
excavated judging from the measured strain. It is very useful for engineers to know the soil type in
advance as they can consider changing the drilling speed or methods according to the soil type.
350
Digging speed: 40 mm/min

300

Digging speed: 30 mm/min
Digging speed: 20 mm/min
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Figure 9. Excavating situation of
fluidised soil with cutter bit
strainsensor.
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Figure 10. Comparison between measured strain by
cutterbit strain sensor and unconfined compressive
strength.

Inside chamber
For the visualisation inside the chamber, soil conditioning was carried out by using foam (Figure 11).
The foam is often adopted and used as additives for soil conditioning in EPB TBM shield tunnelling
projects. In laboratory experiments, FER (Foam Expansion Rate) was set to 10 and FIR (Foam
Injection Rate) was also fixed to 30%. The soil used was crashed mudstone whose particle size
distribution is shown in Figure 12. The foam was injected into the chamber and was mixed with
the crashed mudstone until the crashed mudstone with foam performed the plastic flow.
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The laboratory experiments were implemented as shown in Figure 13. The stirring blade sensor
wasrotating in the crashed mudstone with foam, called conditioning soil, inside the chamber.
When the plastic flow of the conditioning soil was large, the measured strain obtained by the
sensor was small. After the experiments were finished, both the vane shear strength and the table
flow value of conditioning soil were confirmed. The results of these tests were represented in
Figure 5 and 6. The measured strain is in good agreement with the plastic flow. In other words, the
good plastic flow was observed with the small vane shear strength and the large table flow value.
Judging fromthese results, the plastic flow of the excavated soil in the chamber can be evaluated by
the measured strain with the sensor. Then, the measured strain can be converted to the value
obtained from the laboratory tests shown in Figures 14 and 15
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CONCLUSIONS
This paper describes the newly developed sensing technologies for visualisation ahead of the cutter
head and inside the chamber. As mentioned above, two types of sensors, the cutter bit strain sensor
and the stirring blade sensor, were applied for the laboratory experiments to have a better
understanding of visualisation ahead of the cutter head and inside the chamber. The results
conducted above clarify that it is definitely possible to visualise ahead of the cutter head and inside
the chamber by using the cutter bit strain sensor and the stirring blade sensor.
In terms of the cutter bit strain sensor, the sensor clearly shows the linear relationship between the
measured strain and the digging speed and the unconfined compressive strength representing the
difference of soil types. The relationship obtained in the experiments is in accordance with the
theory. Thus, the measured strain gives engineers an idea of the soil type which is currently
excavated. Additionally, the fluidised soil used in place of the mudstone works very well. In future
experiments, the use of fluidised soil will make the experiments more efficient and increase the
number of experiments case.
Moreover, regarding the stirring blade sensor, the sensor demonstrates the good relationshipbetween
the measured strain and the vane shear strength and the table flow value. Accordingly, the measured
strain can be used to determine whether the plastic flow of the excavated soil in the chamber is good
or not. For geotechnical engineers, it is quite important to correctly understand the plastic flow
situations in order to manage the excavation process. If the plastic flow is too good, it may lead to
the blowout of excavated soil from a screw conveyor. On the other hand, the poor plastic flow may
induce blockage in the chamber or the screw conveyor.
As a result, these sensing technologies would be helpful for stable excavating without any problems.
Hereafter, these two types of sensors will be equipped with future EPB TBM shield for the
visualisation.
REFERENCES
ASTM (2018). Standard Test Method for Field Vane Shear Test in Saturated Fine-Grained Soils,
D2573/D2573M-18.
ASTM (2020). Standard Test Method for Slump of Hydraulic-Cement Concrete, C143/C143M-20.
Bilgin, N., Feridunoglu, C., Tumac D., Cinar M., Palakci Y., Gunduz O. & Ozyol, L. (2005). “The
performance of a full face tunnel boring machine (TBM) in Tarabya (Istanbul)”, Underground
Space Use: Analysis of the Past and Lessons for the Future, 821-826.
Kawano, K., Nagatani, H. & Kubota, K. (2019). “Jamming Mechanism on Shield Tunnel Boring
Machine”, Tunnel Boring Machines in Difficult Grounds 4th International Conference, 64-72.
Wei, Y., Yang, Y., Tao, M., Wang, D. & Jie, Yuxin. (2020). “Earth pressure balance shield tunneling
in sandy gravel deposits: a case study of application of soil conditioning”, Bulletin of Engineering

70

Geology and the Environment, 79, 5013-5030.
Wu, Y., Mooney, M. A. & Cha, M. (2018). “An experimental examination of foam stability under
pressure for EPB TBM tunneling”, Tunnelling and Underground Space Technology, 77, 80-93.
Yu, H., Mooney, M. A. & Bezuijen, A. (2018). “A simplified chamber pressure model for EPB
TBM tunneling in granular soil”, Geotechnical Aspects of Underground Construction in Soft
Ground, 127-135.

71

2.9

2.9

Asian Conference on Physical Modelling in Geotechnics (Asiafuge-2021)
18-19 November 2021, Singapore

STUDY ON THE IMPACT OF SUBMARINE LANDSLIDES IN
Asian Conference on Physical Modelling in Geotechnics (Asiafuge-2021)
PARTIALLY BURIED PIPELINES18-19 November 2021, Singapore
ASIAFUGE-2021
FERNANDO SABOYA
STUDY ON THE IMPACT
OF SUBMARINE LANDSLIDES IN
Civil Engineering Laboratory, State University of Norte Fluminense Darcy Ribeiro, Campos dos
PARTIALLY
BURIED
PIPELINES
Goytacazes,
Rio de Janeiro,
Brazil

ASIAFUGE-2021
TALYTHA
FONTE BOA
Civil Engineering Laboratory, State University of Norte Fluminense Darcy Ribeiro, Campos dos
FERNANDO
Goytacazes,
Rio de SABOYA
Janeiro, Brazil
Civil Engineering Laboratory, State University of Norte Fluminense Darcy Ribeiro, Campos dos
Goytacazes,
Rio de
Janeiro, Brazil
SÉRGIO
TIBANA
Civil Engineering Laboratory, State University of Norte Fluminense Darcy Ribeiro, Campos dos
TALYTHA
BOA
Goytacazes,
Rio FONTE
de Janeiro,
Brazil
Civil Engineering Laboratory, State University of Norte Fluminense Darcy Ribeiro, Campos dos
Goytacazes,
Rio de Janeiro,
RODRIGO
REIS Brazil
Civil Engineering Laboratory, State University of Norte Fluminense Darcy Ribeiro, Campos dos
SÉRGIO
TIBANA
Goytacazes,
Rio de
Janeiro, Brazil
Civil Engineering Laboratory, State University of Norte Fluminense Darcy Ribeiro, Campos dos
Goytacazes, Rio de Janeiro, Brazil
Tests in geotechnical centrifuges were carried out to investigate the impact mechanisms on pipelines
RODRIGO
REIS
installed in seabed subject to submarine
landslides.
The model comprises a very gentle ramp
Civil Engineering
State
of Norte
Fluminense Darcy
dosan
instrumented
with Laboratory,
pore pressure
andUniversity
total stress
cells strategically
placedRibeiro,
on the Campos
ramp and
Goytacazes,
Rio
de
Janeiro,
Brazil
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The drag coefficient has been largely used to quantify the resistance or difficulty that the exposed
area of a pipeline exerts on the relative motion of the flow at impact, once it is a dimensionless
parameter that can capture the interaction between fluid and a solid body and is very well-known in
hydrodynamics studies.
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BACKGROUND
Centrifuge modelling is an effective experimental method in the study of the effect of submarine
debris flows on pipelines (Zakeri et al., 2012; Sahdi et al., 2014; Bryant et al., 2015; Oliveira et al.,
017; Yin et al., 2018), as well as numerical modelling of the problem (Zakeri et al., 2009; Zakeri,
2009; Randolph et al., 2010; Randolph and White, 2012; Liu et al., 2015; Brum Jr., 2015). In Brazil,
the modelling of such phenomena has been the focus of recent studies performed with the UENF’s
beam centrifuge (Motta, 2016; Acosta et al., 2017; Santos, 2018; Ferreira, 2020) and in the drum
centrifuge of the Alberto Luiz Coimbra Institute for Graduate Studies and Engineering Research
(Pelissaro, 2018).
In general, the models used to study geotechnical problems are best represented through physical
modelling in a geotechnical centrifuge, due to the equivalence of the stress level acting on the
prototype. With regard to the modelling of submarine landslides, this is made possible by means of
scaling laws (Taylor, 1994). Gue (2012) used centrifuge modelling to conduct a study of submarine
landslide flows, where the acceleration of gravity, N, was varied to understand the scaling laws
involved in landslide distances. The author concluded that the direct scale N normally applied to
length cannot be applied to submarine landslide path, and he found that the scaling factor of N³ can
suitably represent the prototype condition. Gue’s approach clearly needs further tests to be
completely accepted, but it demonstrates that the scaling of mud flow is still an open demand. In
Table 1, it can be found the scaling laws used in this study.
Table 1. Scaling laws.
Parameter
Gravity
Length
Flow distance
Force
Time
Flow velocity

Prototype
1
L
L
F
T
v

Model
N
L/N
L/N³
F/N²
T/N²
v/N

The submarine debris flow can mobilize thousands of cubic kilometres of material by volume and,
with respect to the landslide distance, reach hundreds of kilometres on gently inclined slopes, with
the slide lasting from minutes to several days (Hühnerbach and Masson, 2004; Bryn et al., 2005;
Masson et al, 2006). Hance (2003) stated that most of observed and studied submarine landslides
take place at very gentle slope, most of them with inclinations varying from 3 to 5°.
MATERIALS AND METHODS
The tests were performed with the UENF’s geotechnical beam centrifuge at a 40 x g. This g-level
was chosen based on the limitation of the facilities (container, ramp and distance between pairs of
instruments), and because it seemed to be a very suitable scale for representing the pipe as a
structural element. The model design was supported by recent studies on submarine landslides
carried out in geotechnical centrifuge (Pardo, 2015; Motta, 2016). The box of the test model is 0.86
m long, 0.63 m wide and 0.56 m high. In the interior of the container, the model is composed of a
compartment that holds the mud, an acrylic ramp with a 3° inclination, an aluminum pipe and a
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system that absorbs the energy from the waves that are generated with the landslide. The centrifuge
and the test box can be seen in Figure 1.
The model of the aluminum, shown by Figure 2, was 0.2477 m in length, 0.0255 m in diameter and
1.9x10-3 m in thickness to simulate actual dimensions of a steel oil and gas pipeline. The pipeline,
in terms of supports, was fixed against rotation and translation, with a high level of restriction, which,
according to Oliveira et al. (2017), results in greater forces on impact.

Figure 1. (a) Geotechnical beam centrifuge and (b) box of the test model.
The mud used in the tests consisted of a mixture of 40% kaolin and 60% metakaolin, placed with
moisture content of 1.5 times the liquid limit. This water content was based on centrifuge tests
carried out by Acosta (2017), who reported as being the threshold for reaching hydroplaning. The
characterization of the mixture yielded a liquid limit of LL = 54.3% (which characterizes a moisture
content of 81.45% for the mixture), a plastic limit of PL = 32.1%, a plasticity index of PI = 22.2%
and actual unit weight of soil particles GS = 2.47. With respect to the rheology of the mixture, a
viscosity test was performed with a Brookfield DV3T rheometer at room temperature, and resulted
in 3 Pa.s.
The model comprises the following instrumentation: a total stress transducer at the bottom of the
mud compartment in order to analyse the volume of released mud during the test; three pairs of total
stress and pore-pressure transducers arranged at the bottom of the slide ramp, aiming to verify the
sliding characteristics; a strain gauge and an accelerometer in the pipe to measure the time of impact
and resulted deformation; a commercial camera, for recording the upper view of the sliding and; a
high-speed camera with a set of LED lamps, which, was synchronized with the instrumentation,
allowing the analysis of the morphology of debris flow and the calculation of its frontal velocity, as
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well. All instruments installed in the flow pathway were calibrated in flight. The data acquisition
was carried at 3 MHz. The instrumentation in the pipe was calibrated in the interface by using a
special device by applying compression loads in the weight support, on the same axis that receives
the impact force of the slip, and measurement the deformation in the strain gauge. In Figure 3, it is
possible to see a design of the test model.

Figure 2. Dimensions of the pipe used in the tests.
With respect to the dimensional analysis of the model, based on the definition of inertia, the drag
coefficient CD are defined by Eq. 1 and represent important dimensionless parameter for studying
the flow around an obstacle.
(1)

Where F is the impact force, r is the density of the mud, v is the frontal velocity of the mass and Ap
is the frontal area, which in the case of cylinders of length l and diameter d, with the axis
perpendicular to the direction of velocity v, is defined as Ap= ld.
CENTRIFUGE TEST PROGRAM
The experimental program was performed by means a series of centrifuge tests varying the exposure
ratio of the pipe diameter relative to the seabed, starting from 100% exposed (embedment ratio 0%)
to 25% exposed (embedment ratio 75%).
The test procedure followed the following steps:

•
•
•
•
•
•
•
•

The relative instrumentation was positioned in the pipe, at the bottom of the mud compartment
and in the slip ramp and its operation was verified through the data acquisition system; the
weight counter was added, as well as the support beam, hydraulic actuator, LED lighting and
commercial and high speed cameras;
The pipe was positioned at the desired height for the test;
Water has been added to the test box;
The materials for the mud mixture were weighed and homogenized for 30 minutes;
The mud mixture was poured into the mud compartment;
The centrifuge was flown to 109 RPM, which features an acceleration of 40 x g;
After the centrifuge stabilized at the desired acceleration for the test, the gate was opened by a
hydraulic actuator at a speed of 30 mm/s, initiating sliding;
The centrifuge was decelerated;
Finally, the mud measurements were performed in the mud compartment and along the slide
ramp to verify the volume of sludge that flowed and the mean flow height.
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Figure 3. Test model design: (a) upper view and (b) cross section.
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RESULTS
Figure 3 shows two images for Test C, which were obtained from the video of the high speed camera, the
first one referring to the middle of the slide and the second to the time of impact in the pipe. Theother
tests presented similar results.
The total volume of mud, Vtl, the mud density, rd, the slip time, Dt, the frontal velocity of the model,
vfm, and the front velocity of the prototype, vfp, for each test are presented in Table 2.
The data of strain gauge and accelerometer shown in Figure 2, provided the exact time of the mud
flow impact on the pipe and the strain suffered by it, according to the measurement of the peaks of
the curves. Through the calibration, it was possible to estimate the force in the pipe model, Fm, and,
through the scaling laws (Table 1), the force in the prototype, Fp, according to the exposed diameter,
dexp. In therms of dimensionless parameter, de drag coefficient was calculated using de exposed
diameter according to the Eq. 1. The data are given in Table 3.

Figure 3. Images of the high-speed camera (a) in the middle of the slip and (b) at the time of impact
in the pipe.

Table 2. Mud data, time and sliding velocity of the tests.
Test
Pipe exposure
Vtl (m³)
rd
ratio
(g/cm³)
A
100%
0.0029
1.45
B
75%
0.0030
1.47
C
50%
0.0029
1.50
D
25%
0.0030
1.40
Table 3. Pipe drag data.
Test
Pipe exposure ratio
A
100%
B
75%
C
50%
D
25%

Dt (s)

vfm (m/s)

vfp (m/s)

0.197
0.221
0.196
0.210

1.14
1.01
1.14
1.07

45.54
40.60
45.80
42.72

dexp (m)

Fm (N)

Fp (kN)

CD

0.0255
0.0191
0.0127
0.0063

7.42
8.44
7.99
8.04

11.87
13.50
12.78
12.87

1,248558
2,351002
2,569686
6,388162
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Figure 4. Strain gauge versus time versus accelerometer: (a) test A, (b) test B, (c) test C and (d) test
D.
It was observed that de impact forces presents a little variation in magnitude. In that case, was
considered the variation of the drag coefficient CD in relation to the exposed diameter of the pipe,
using by reference the pipe 100% exposed (Figure 5).

Figure 5. Drag coefficient versus variation of drag coefficient in relation to exposed diameter.
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CONCLUSIONS
This study presents the results of physical modelling tests carried out in a geotechnical centrifuge to
investigate the mechanisms of submarine debris flows hitting a pipe embedded at different ratio
relative to the seabed. The mud used consisted of mixture of kaolin with metakaolin. The
instrumentation allowed the acquisition of the deformations suffered by the pipe as well as the
characteristics of the flow in its slip channel.
It was observed that the force exerted on the pipe by the slip showed little variation in relation to the
rate of exposure of the pipe, being less than 14%. This result can be explained for the experimental
approximations and simplifications, like de position of instrumentation in relation to angle attack of
the slide. In other hand, when de drag coefficient is considered, was observed a linear correlation
with their variation in the tests. To the pipe 100% exposed to the 25% exposed, was observed an
increase of 414% in the drag coefficient. This result is relevant in the design phase of the pipelines,
since the drag force is a requesting force on the structure to be dimensioned.
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Figure 1 shows one of the most common State of Practice (SOP) chart for liquefaction triggering evaluation
based on the cone penetration test (CPT). The semi-empirical liquefaction-evaluation chart in Fig. 1 was
based on case histories, where the liquefiable sand layers were under effective overburden pressure less than
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1.5 atm (Dobry and Abdoun, 2015, Abdoun et al. 2020). However, there are still some important projects,
like earth dams that are under high confining pressure of larger than 2 atm, or even higher than 10 atm
(Gillette 2013).

Figure 1. CPT-based field liquefaction chart for clean sands for M = 7.5 and σʹv0 = 1 atm (Idriss and
Boulanger 2008)
The National Research Council of the National Academies (NRC) recently indicated that the effect of high
confining pressure on sand liquefaction is not well understood and recommended more experimental work
to allow better understanding of this effects. (National Academies 2017).
This paper introduces a series of centrifuge tests of various effective overburden pressures and relative
densities conducted at Rensselaer Polytechnic Institute (RPI). The tests were designed to study the effect of
overburden pressure under single and double drainage conditions on sand liquefaction behavior.
EXPERIMENTAL PROGRAM
A series of six centrifuge experiments were constructed with low and high effective overburden pressures
of 1 and 6 atm, having the same relative density of 45%, and tested at Rensselaer Polytechnic Institute (RPI),
as listed in Table 1. Two tests had bottom impervious boundary and a top free boundary (Single Drainage,
SD) while four tests had free drainage boundaries both at the top and bottom of the sand layer (Double
Drainage, DD). The detailed model configurations of the DD models are shown in Figure 2. The model
configuration of the SD tests is similar to that of DD in Fig. 1 except for the bottom drainage boundary
which is impervious in SD tests. More details about the model set up and configuration can be found in Ni
et al. (2020, 2021).

(a)

(b)

Figure 2. Centrifuge model configurations for tests with double drainage (a) Test 45-1 (DD), and (b) Test
45-6 (DD) (Dimentions are in prototype unit, m), adapted from Ni et al. (2021)
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Model Layout
The centrifuge models had four distinct layers: the geocomposite layer at the base (only for DD tests), the
bottom saturated and liquefiable sand layer, a saturated transition coarse sand thin layer, and a top dry lead
shot layer. The only difference between single and double drainage is the additional geocomposite layer
underneath and around the saturated sand layer to achieve double drainage.
Laminar container was used in this study to simulate a shear beam behavior in the field, a membrane was
placed inside the container to prevent leaking of saturated sand, and to allow saturation of model deposit.
Ottawa F65 was used to build the sand deposit inside the membrane. The soil was provided by U.S. Silica,
with specific gravity of 2.65. The maximum and minimum void ratios of this sand were measured by
GeoTesting Express, with emax = 0.7403 and emin = 0.479. The sand layer was built with dry density of 1602
kg/m3 corresponding to relative densities of 45%. The transition layer, placed on top of sand deposit and
built after saturation, functioned as a filter between the sand and lead shot layer to prevent the infiltration of
heavy lead shot into sand layer. The lead shot layer sits on top of the transition layer and also placed after
saturation, used to provide high confining pressure to the sand deposit. To achieve 1 atm and 6 atm effective
overburden pressure at the middle depth of sand layer, different heights of lead shot were placed
accordingly. Each centrifuge model was subjected to 1-D 10-cycle sinusoidal shaking applied to the base
with a prototype frequency of 2 Hz.
Viscous Fluid
After the sand deposit was dry pluviated, the model was saturated. To keep consistent permeability between
model and prototype, the sand model was saturated with viscous fluid of 20 cp or 45 cp viscosity,
corresponding to the exact g-level of the centrifuge model. Following the scaling laws, the models simulate
the same saturated sand in the field at 20g or 45g centrifugal acceleration, respectively (Taylor, 2018). The
viscous fluid was made with water and methylcellulose powder. The saturation procedure follows the
standard procedure adopted in previous centrifuge testing at RPI as follows: the laminar container was sealed
and a strong vacuum pump was applied to the model; Carbon Dioxide was injected to the model space to
replace the remaining air; the above two steps were repeated twice; and finally, viscous fluid was percolated
to the sand deposit at a very low rate under vacuum to insure full saturation of the sand model. After
saturation, there was an extra 1~2cm of viscous fluid maintained on top of the saturated sand deposit in
order to keep the soil deposit fully saturated all the time and saturate transition layer. Finally, the transition
layer and lead shot were placed on top.
Geocomposite Layer
The geocomposite layer was built with GSE DuraFlow 330 Geocomposite from SOLMAX. This layer
functioned as a free drainage at the bottom of the saturated sand layer during earthquake shaking. The chosen
geocomposite is composed of 8.4 mm-thick DuraFlow geonet and nonwowen needle-punched geotextile on
single side (Figure 3).
The details about building a draining layer at the bottom with the selected geocomposite are as follows:
i)
Three different geocomposite pieces were cut in a circular shape: 1) one circular piece of geotextile
with slightly larger diameter than the laminar container. This piece was placed at the very bottom
under geocomposite but on top of membrane to prevent geonet, the geocomposite component, from
scratching and cutting the membrane; 2) two pieces of geocomposite with circular shape which
acted as the bottom drainage layer. There were in total two circular pieces because the GSE
DuraFlow 330 geocomposite is horizontally drainable in only one direction. To ensure the
horizontal draining of the fluid from the sand layer during shaking was fast enough, two pieces
were placed at the bottom to allow flow draining in two distinct direction.
ii)
Rectangular geonet strips were cut from geocomposite materials. These geonet strips were placed
vertically and evenly inside all around the laminar container to provide drainage path from the
bottom layer.
iii)
To prevent horizontal drainage from saturated sand layer to the geocomposite all around the
container (1D vertical drainage only), rectangular geonet strips were covered with impermeable
tapes.
iv)
The bottom two circular pieces were first saturated thoroughly with the viscous fluid of 20cp or
45cp, depending on the exact g-level of the centrifuge experiment shown in Table 1, and the
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viscosity of the fluid was consistent with that of the viscous fluid used for sand saturation later
after sand pluviation.
After placing and assembling the geocomposite at the bottom and around the cylinder body, the other three
distinct layers (sand layer, transition layer and the leadshot layer) were pluviated and different sensors were
placed in the sand layer as shown in Fig. 4 (see also Ni et al., 2021 for details). The sand and the transition
layer were then saturated following the same procedure in Ni et al. (2020, 2021). After that, the completed
centrifuge models were subjected to 1-D shaking events of
10-cyclic uniform sinusoidal waves.

(a)

(b)

(c)
(a)

(d)

(b)

Figure 3. Geocomposites used in the double drainage centrifuge experiment (a) Bottom drainage
boundary, and (b) vertical drains

Figure 4. Centrifuge model setup (a) placement of bottom and side drainage boundaries, and (b)
placement of the sand layer along with the sensors, (c) placement of the transition layer and model
saturation, and (d) placement of leadshot layer at the top
EXPERIMENTAL RESULTS FOR SINGLE AND DOUBLE DRAINAGE TESTS AT 1 AND 6
ATM
Tables 1 include six tests of relative density, Dr = 45%, with σ’v0 = 1 and 6 atm, having either SD or DD
conditions, where the input motions listed correspond to the input peak base acceleration inside the
container. The maximum excess pore pressure ratio, (ru)max, in all DD tests were obtained at the mid-depth
of sand layer, while the (ru)max in the SD tests were measured at the bottom depth, as expected based on their
different drainage conditions. The tests in Table 1 provide the opportunity of conducting additional
comparisons and discussions on the joint effect of σ’v0 and drainage conditions on the results. This is done
systematically throughout this section. In the single drainage cases, the original intent was to reach in each
test a target maximum pore pressure ratio, (ru)max ≈ 0.8, which is high enough to be considered as a failure
criteria. However, when the input motion used in the SD test was applied to the corresponding DD test, the
measured value of (ru)max was much less than 0.8 due to the increased drainage. This was the case for Tests
45-1 (DD) – 0.045g and 45-6 (DD) – 0.3g in Table 1, which measured pore pressure ratios of 0.48 and 0.18,
significantly less than the 0.8 target. Therefore, these two DD tests were repeated with larger input
accelerations of 0.065g and 0.5g, respectively, reaching values of (ru)max of 0.68 and 0.85, closer to the 0.8
target.
Therefore, the experiments of Table 1 allow evaluating the effects of drainage conditions on the results
using two different types of comparison: 1) comparison between pairs of SD and DD tests having the
same input motion; and 2) comparison between pairs of SD and DD tests having different input motions
but a similar (ru)max ≈ 0.8. This is done under the next two headings for both 1 atm and 6 atm tests.
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Excess Pore Pressure Isochrones
Figures 5 and 6 presents the instantaneous excess pore pressure profiles (isochrones) at four different time
instances during shaking and dissipation for the six tests done at 1 atm and 6 atm, respectively. The results
allow examining the effect of the drainage conditions for both constant input (Figs. 5 a & b and 6 a & b), as
well as constant (ru)max ≈ 0.8 (Figs. 5 a & c and 6 a & c). In each plot, the curves with solid data points
represent the instantaneous excess pore pressure profiles during shaking (0 < t ≤ 5 sec), and the green curve
with open data points corresponds to the profile during dissipation, that is after the shaking (t > 5 sec). The
data points are measurements of pore pressure transducers at different depths in the layer. Each plot also
includes the total vertical overburden pressure line in dashed black color, and the effective vertical
overburden pressure solid line, with this last line indicating ru = 1.0 and hence liquefaction. In the plots, z =
0 means the surface of the sand layer, which is a free drainage surface in both SD and DD tests. For the
single drainage tests, the isochrones have a shape roughly similar to a quarter sine curve, with an excess
pore pressure, u = 0 for z = 0 at all times, validating the assumption that z = 0 is a free drainage boundary
(Ni et al. 2020). For the double drainage tests, the isochrones have a shape roughly similar to a half sine
curve, with an excess pore pressure, u = 0 for top and bottom locations at all times, validating the assumption
that the top and bottom are free drainage boundaries (Ni et al. 2020). Figures 5 and 6 indicate that in single
drainage conditions, the maximum excess pore pressure occurs near the bottom while for double drainage
conditions it occur at the middle at all time.

Figure 5. Excess pore pressure profiles (isochrones) during and after shaking in the saturated Ottawa sand
layer (z = 0 at sand surface) of tests in 1 atm; and total and initial effective vertical stress lines: a) Test 45
– 1 (SD) – 0.045g; b) Test 45 – 1 (DD) – 0.045g; c) Test 45 – 1 (DD) – 0.065g, adapted from Ni et al.
(2021)

Figure 6. Excess pore pressure profiles (isochrones) during and after shaking in the saturated Ottawa sand
layer (z = 0 at sand surface) of tests in 6 atm; and total and initial effective vertical stress lines: a) Test 45
– 6 (SD) – 0.3g; b) Test 45 – 6 (DD) – 0.3g; c) Test 45 – 6 (DD) – 0.5g, adapted from Ni et al. (2021)
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Normalized Dissipation Histories
Figures 7and 8 show the normalized excess pore pressure ratio over time, tdiss, during dissipation for the
tests having a similar excess pore pressure buildup level, (ru)max ≈ 0.8. Herein, the tdiss is defined the same
way as in Ni et al. (2020), which corresponds to the time after shaking when any residual shaking has ended.
Since the models were subjected to a 10-cyclic uniform sinusoidal motion with a frequency of 2 Hz, the end
of shaking happened around t ≈ 5 sec, and there were some residual vibrations after the end of shaking for
0~2secs. Therefore, tdiss was defined at around 0~2 seconds after the end of shaking, and this value might
be different for different tests. Accordingly, the (ru)init is the excess pore pressure at the time of tdiss = 0, with
(ru)init < (ru)max. The curves in Figures 7 and 8 plot the normalized excess pore pressure ratio, defined at the
ratio of ru / (ru)max, with ru / (ru)max = 1 at tdiss = 0.
For the curves in Figures 7 and 8, different sensors were selected for the SD and DD tests, as (ru)max was
measured at different depths depending on drainage conditions. For the single drainage tests, the normalized
dissipation curves are those measured by the bottom sensor, while in the double drainage tests, the curves
are those measured by the middle sensor.
The plots in Figure 7 show direct comparisons between pairs of tests having the same overburden pressure
and same (ru)max ≈ 0.8, but different drainage conditions: SD versus DD, As shown in Figure 7, dissipation
happened significantly faster in the DD tests compared with the SD tests for both the 1 and 6 atm tests.
Figure 8 is arranged to compare pairs of tests with the the same (ru)max ≈ 0.8 and same drainage conditions,
but different overburden pressures of 1 atm and 6 atm. Figure 8 clearly show that dissipation at 6 atm was
much faster than at 1atm, for both the SD and DD tests, confirming and extending the findings stated by Ni
et al. (2020).
The comparison in Figures 7 and 8 indicate that a higher overburden pressure of 6 atm has roughly a similar
effect to adding a second drainage surface, with both making dissipation go much faster.

Fig. 7. Comparison of normalized dissipation curves between tests with single drainage (SD) conditions
and double drainage (DD) conditions at 1 and 6 atm. All the four tests had similar (ru)max ≈ 0.8 (tdiss = 0
corresponds to 1-2 sec after the end of shaking)

Fig. 8. Comparison of normalized dissipation curves between tests with different overburden pressures of
1 atm and 6 atm under single drainage (SD) condition and double drainage (DD) conditions. All the four
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tests had similar (ru)max ≈ 0.8 (tdiss = 0 corresponds to 1-2 sec after the end of shaking)
SUMMARY AND CONCLUSION
A series of six centrifuge tests were conducted to study the effect of single and double drainage on sand
liquefaction behavior under high and low confining pressure. In the six tests, a 5-m thick saturated clean
Ottawa sand was subjected to an input base acceleration of the same shape and duration but different
acceleration amplitudes. The sand layer had relative density of 45%, effective overburden pressures of 1
atm and 6 atm. The drainage conditions were either single drainage (SD) at the top of the layer or double
drainage (DD) at top and bottom. The models were subjected to a base shaking aimed at achieving in the
sand a targeted maximum excess pore pressure ratio, (ru)max ≈ 0.8. Comparable models were also conducted
with SD and DD conditions that had the same acceleration amplitude but induced (ru)max smaller than 0.8 in
the DD test. The main conclusions are as follows:
1.

2.

3.

A new centrifuge technique to achieve the DD condition with geocomposite at the bottom of the
sand layer and a dry lead shot layer at the top of sand layer worked successfully, as proven by the
negligible excess pore pressures measured at the two boundaries. This technique provides a new
possibility for simulating idealized drainage field condition in centrifuge experiments.
A stronger input acceleration (1.45 ~ 1.67 times) was required to achieve a similar (ru)max ≈ 0.8 in
DD tests as compared to SD tests. When the same input shaking was used, the SD and DD tests
had very similar acceleration records at different depths in the sand layer, indicating little effects
of drainage conditions on the acceleration measurements.
The excess pore water pressures dissipated significantly faster in the DD tests than in the SD tests.
Both in SD and DD tests, there was more drainage in the 6 atm than in the 1 atm tests.
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The evidences of soil liquefaction during the 2017 Pohang earthquake (Mw = 5.4) highlighted an urgent need
to reexamine possibility of soil liquefaction during weak earthquakes. Centrifuge modeling enables not only
simulating the ground model, but also observing large-strain, non-linear behaviors under in-situ stress
conditions. This study investigates the liquefaction phenomenon in free fields during the Pohang earthquake
through dynamic centrifuge tests using saturated sand. Centrifuge tests simulated the free-field in Heunghaeeup where the soil boil occurred as an evidence of the liquefaction. The recorded earthquake motion at the
old port in Pohang was used as an input motion to the ground model that was reconstituted based on the
grain size distribution of the soils in Heunghae-eup. The test results show the excess pore water pressure
ratio close to 1, as well as the dilation spikes as an evidence of liquefaction in medium-dense sand.
Accordingly, our results corroborate possibility of soil liquefaction by weak earthquakes and confirm the
potential of utilizing dynamic centrifuge tests as an experimental modeling tool for evaluating soil
liquefaction.
INTRODUCTION
Soil liquefaction during earthquakes is a serious disaster which accompanies infrastructure failure. The 1964
Niigata earthquake and the 1995 Kobe earthquake incurred catastrophic failures of lifeline infrastructures
due to the sudden increase in the permanent deformation of the liquefied soil (Seed & Idriss 1967; Soga
1998). Historical earthquakes with destructive consequences have awakened the importance of the
prediction and evaluation of soil liquefaction.
The 2017 Pohang earthquake (Mw = 5.4) occurred on 15th November was an unprecedented event that
induced the sand boil, a common manifestation of liquefaction, in Korea after recording earthquakes using
seismographs. In particular, the sand boils during the Pohang earthquake were mostly observed at
Heunghae-eup and Songdo-dong (Kang et al. 2019). Although the Pohang earthquake was not strong enough
to induce the soil liquefaction, evidence of the liquefaction was certainly detected. Accordingly, the
awareness of the importance of liquefaction assessment has increased in Korea.

The challenge for liquefaction studies is not only investigating the triggering mechanism of the soil
liquefaction but also predicting and mitigating the damages of infrastructures due to liquefaction which is
referred to as consequence evaluation (Bray & Macedo 2017). Liquefaction is one of the most complex
behaviors of soil and there are a lot of influential factors and interactions between those factors for

89

liquefaction initiation (Idriss & Boulanger 2008). Even though consequence evaluation needs to be
investigated for the Pohang area, the simulation of the liquefied free-field in Pohang without considering
infrastructures has to be conducted as a prior study to validate the methodology.
Unlike drained behaviors, the soil liquefaction accompanies nonlinear behavior at the high strain level,
dramatic variations in soil stiffness, and dissipation of pore water pressure after the earthquake. Given that
reflecting those complex characteristics of the soil liquefaction is a challenging task in the field of
geotechnical earthquake engineering, dynamic centrifuge modeling is one of the most suitable methods for
capturing a comprehensive understanding of the soil liquefaction mechanism and simulating the soil
liquefaction in free-field during the Pohang earthquake (Kutter et al. 2020).
The objective of this study is to simulate the liquefaction initiation of the free-field in Heunghae-eup during
Pohang earthquake via dynamic centrifuge modeling. To acquire reliable results, a dynamic centrifuge test
was performed using viscous fluid under fully saturated conditions. The ground model of Heunghae-eup
where the soil boil occurred was reconstituted by matching the grain size distribution curve of the soils in
Heunghae-eup. The recorded earthquake motion at the old port in Pohang was used as an input motion. The
liquefaction initiation was examined with regard to the acceleration responses and excess pore water
pressure responses during the shaking.
2017 POHANG EARTHQUAKE AND CENTIRUFGE MODELLING
2017 Pohang earthquake
A moderate earthquake Mw 5.4 on November 15, 2017 struck Pohang city in South Korea. following the
Gyeongju earthquake in 2016, the Pohang earthquake was the second largest instrumented earthquake in
the earthquake history of Korea. As shown in Figure 1, the epicenter was located far away from the Pohang
downtown area. As investigated in Kim et al. (2020), the earthquake caused not only soil liquefaction but
also widespread building damage due to its shallow focal depth, 3-7 km according to KMA (2017).
As shown in Figure 1, National Disaster Management Research Institute (NDMI) performed site
investigation focusing on the sites where the sand boil was observed right after the earthquake. Since NDMI
inspected countless the sand boils at the farmland in Heunghae-eup where is 3 km away from the epicenter,
CH-1 and CH-2 corresponding to the liquefaction suspected areas in Heunghae-eup were mainly discussed.
In this study, CH-2 was selected as a target site to simulate the soil liquefaction using centrifuge test.
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Figure 1. Locations of site investigated area in Pohang city (Google Earth)
Scrutinizing the earthquake motions recorded at the rock outcrop is the key to identify the original
earthquake motion close to the epicenter by eliminating the effect of the site amplification at the soil site.
Hence, the recorded earthquake motion at the Old Port where is the closest rock outcrop station from the
epicenter (7 km away from the epicenter) was used as an input motion for the centrifuge modeling. The NS component of the recorded motion at the Old Port station was used for this study.
Ground modeling
Figure 2a shows the site profile of CH-2. The depth of the ground water table is 0.2 m from the surface. A
soil layer of the site profile of CH-2 has to be targeted due to the limitation of the box size for centrifuge
modeling. Prior to the ground modeling, site response analysis for CH-2 profile was conducted using the
Old Port motion to detect the liquefied soil layer. The result from the analysis indicated that the silty sand
with gravel layer would have been liquefied during the Pohang earthquake, so that this layer was selected
as a targeted layer for ground modeling.
Figure 2b shows particle size distribution of silty sand with gravel layer in the site profile of CH-2. The silty
sand layer was simulated by matching the particle size distribution of the layer using silica sand and then it
was reconstituted the 5 degrees of mildly sloping ground by temping method. The relative density of the
ground model was 45%. A rigid container with dimensions of 57 × 22.5 × 45 cm3 (length × width × height)
on model scale and 22.8 × 4 × 9 m3 (length × width × height) on prototype scale was used for the tests.
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Figure 2. Site profile of CH-2 and particle size distribution of silty sand with gravel layer in the
site profile of CH-2
To simulate the seepage flow in prototype scale, viscous fluid made by a mixture of methylcellulose and
water was used to saturate the ground model. Following the scaling law of viscous fluid, the targeted viscous
of fluid is 40 cst (Garnier, 2007). After following the saturation process guidelines provided by LEAPUCD-2017 (Kutter et al., 2020), the full saturation was confirmed by measuring the degree of saturation
using the Okamura method (Okamura and Inoue, 2012).
Input motion for the centrifuge test
Figure 3 shows acceleration time history and response spectrum for recorded motion at the Old Port station
and input motion of the centrifuge test. Centrifuge modeling only replicated the silty sand with gravel layer
so that the input motion considering site amplification of CH-2 should be used for the centrifuge test.
Site response analysis for CH-2 was performed and the estimated motion at the depth of 5.5 m corresponding
to the bottom of the silty sand with gravel layer was derived. As a result of site amplification, peak
acceleration of the input motion was 0.4 g larger than that of the recorded motion. Moreover, the period of
dominant input energy for the input motion was lengthened from 0.27 s corresponding to the recorded
motion to 0.53 s.
Dynamic centrifuge test
In this study, a targeted testing model was performed at KAIST Geo-centrifuge center (Kim et al., 2013a).
Dynamic centrifuge test is appropriate for evaluating sophisticated behaviors of the liquefiable layers in real
field conditions because it is able to consider interactions between soil particles and pore water, drainage
condition, and wave propagation through the layers under the input motion at the same time. The centrifugal
acceleration used in the test was 30 g-level. Note
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Figure 3. Recorded motion at the Old Port station and input motion for the centrifuge modeling: (a)
acceleration time history; and (b) response spectrum
that all the model descriptions and test results are presented on prototype scale by applying the scaling law
(Schofield, 1980). An in-flight earthquake simulator below the soil box was used to input earthquake
motions. The range of loading frequencies of the earthquake simulator at KAIST was 30–300 Hz and 40–
200 Hz for random vibration and sinusoidal wave, respectively; other specifications of the earthquake
simulator are described in Kim et al. (2013b).
Figure 4 shows the schematic diagram of the dynamic centrifuge test in sectional view. As previously
mentioned, fully saturated silica sand with 45% relative density was modeled with 17.1 m width and 5.5 m
depth on the prototype scale. An accelerometer was attached to the bottom of the rigid soil to measure the
input motion. A vertical array of accelerometers (AM-1–AM-4) with an interval of 0.9 m was installed at
the center of the model to measure the horizontal acceleration of the ground. Another vertical array of pore
pressure transducers (PM-1–PM-5) with an interval of 0.9 m are was located between the accelerometers.
The distance between an accelerometer and a pore pressure transducer was 0.45 m.

Figure 4. Schematic diagram of dynamic centrifuge test in sectional view

CENTRIFUGE TEST RESULTS AND DISCUSSION
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CENTRIFUGE TEST RESULTS AND DISCUSSION
Seismic response of soil: acceleration time history
Figure 5a shows the acceleration time histories of the vertical arrays at four different depths (AM-1 –AM-4) at
the center of the testing models and the input motion. The phase information for each acceleration time history is
similar to the base motion during the early loading cycles. The amplification of the acceleration with depth is
insignificant due to the rigid boundary. However, flat response and dilation spike are considerable for the upper
three layers. The phenomena are attributed to the liquefaction, and stress-strain response could elucidate the
phenomena.
Zeghal et al. (2018) introduced to calculate the shear stress-strain response using accelerometers in dynamic
centrifuge tests. Using two accelerometers, the shear stress-strain response of the soil layer sandwiched between
the two accelerometers can be calculated. Figure 5b shows the stress-strain response at 2.25 m depth. When the
liquefaction occurs, the input stress waves could not propagate through the liquefied soil layer, and the flat
response of acceleration indicates this phenomenon. The shear modulus of soil is close to zero at this moment.
However, since the dynamic behavior of the soil alternates between contractive and dilative behaviors based on
the phase transform line under undrained conditions, the shear modulus increases instantaneously when the
dynamic behavior of the soil switches to the dilative behavior at the high strain level. Accordingly, a sudden
increase in Vs of the soil layer is induced, and the shock waves strike the ground due to the superposition of the
input waves as an impact, which is called 'de-liquefaction shock waves’ (Kutter and Wilson, 1999). Consequently,
the repetition of the flat response and dilative spikes is representative of the soils under undrained behavior that
can be observed through the upper three layers in the centrifuge tests.

Figure 5. Seismic response of soil: (a) acceleration time history; and (b) stress-strain response at the depth of
2.25 m
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Seismic response of soil: pore water pressure ratio (ru)
Pore water pressure ratio, ru, is a traditional value to determine the initiation of the soil liquefaction by
capturing the variations of the soil state. ru is expressed as follows

ru =

Du
(1)
s'v

where, Δu is the excess pore water pressure; σ’v is the vertical effective stress of the soil. ru indicates the
reduction of the vertical effective stress of the soil. The maximum value of ru is 1.0 when Δu = σ’v which is
often called initial liquefaction.
Figure 6a shows the ru of each soil layer for the centrifuge test. ru values of the upper four layers are almost
close to 1.0 which means the liquefaction initiation. ru of PM-5 is larger than 1.0. Given that the vertical
location of the pore pressure transducers could be changed during the shaking and the soil body is no longer
being in vertical equilibrium during the shaking, ru can be temporarily larger than 1.0.
The other evidence of the liquefaction initiation is the duration having constant ru values right after the end
of the shaking. As shown in Figure 6b, when the soil model is liquefied, the absolute value of Δu increases
as the depth of the soil increases due to the increase of σ’v, so that flow of the fluid is manifested in an
upward direction to dissipate Δu. Accordingly, the closer the soil layer is to the soil surface, the longer the
fluid stays. Having these standards for the liquefaction initiation, the upper four layers are liquefied during
the shaking

Figure 6. Seismic response of soil: (a) pore water pressure ratio; and (b) schematic diagram of liquefied
soil layer for the centrifuge model
CONCLUSION
In this study, a centrifuge model test was conducted to simulate the soil liquefaction of the free-field in
Heung-eup for the 2017 Pohang earthquake. The targeted site in Pohang was CH-2 site where the sand boil
was observed. Before the centrifuge test, site response analysis had been performed to determine the
liquefied soil layer from CH-2 site profile during the earthquake. The centrifuge modeling simulated the
silty sand with gravel layer by matching the particle size distribution and the relative density in the field.
Meanwhile, the recorded earthquake motion at the Old Port station was used as an input motion for the
centrifuge test after conducting site response analysis. Using the acceleration and pore pressure responses
of each soil layer, the liquefaction initiation of each soil layer was evaluated based on the acceleration time
history and the excess pore water pressure ratio. The main findings of this study are summarized as follows:
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(1) The liquefiable soil repeated between the dilative and contractive behaviors under the undrained
condition, and it showed as the flat responses and dilation spike in the acceleration responses.
(2) Evaluation of therM is a traditional standard to determine the liquefaction initiation. Due to the
upward flow of the fluid in the liquefied soil layer, the closer the soil layer is to the soil surface,
the longer the fluid stays after the end of the shaking.
(3) The simulated CH-2 site was liquefied during the shaking. Consequently, the effectiveness of the
centrifuge modeling was confirmed, and it could show the applicability of the centrifuge modeling
for the liquefaction evaluation.
REFERENCES
Bray, J. D. & Macedo, J. (2017). “6th Ishihara lecture: Simplified procedure for estimating liquefactioninduced building settlement”, Soil Dynamics and Earthquake Engineering, 102, 215-231.
Garnier, J., Gaudin, C., Springman, S.M., Culligan, P.J., Goodings, D., Konig, D., Kutter, B., Phillips, R.,
Randolph, M.F., & Thorel, L., (2007). “Catalogue of scaling laws and similitude questions in
geotechnical centrifuge modelling”, International Journal of Physical Modelling in Geotechnics. 7(3),
01–23.
Idriss, I. M. & Boulanger, R. W. (2008). Soil liquefaction during earthquakes, Earthquake Engineering
Research Institute
Kang, S., Kim, B., Bae, S., Lee, H., & Kim, M. (2019). “Earthquake-induced ground deformations in the
low-seismicity region: A case of the 2017 M5. 4 Pohang, South Korea, earthquake”, Earthquake
Spectra, 35(3), 1235-1260.
Kim, B., Ji, Y., Kim, M., Lee, Y. J., Kang, H., Yun, N. R., Kim, H., & Lee, J. (2020). “Building Damage
Caused by the 2017 M5. 4 Pohang, South Korea, Earthquake, and Effects of Ground Conditions”, Journal
of Earthquake Engineering, 1-19.
Kim, D.S., Kim, N.R., Choo, Y.W., & Cho, G.C. (2013a). “A newly developed state-of-the-art geotechnical
centrifuge in Korea”, KSCE Journal of Civil Engineering, 17(1), 77–84.
Kim, D.S., Lee, S.H., Choo, Y.W., & Perdriat, J. (2013b). “Self-balanced earthquake simulator on
centrifuge and dynamic performance verification”, KSCE Journal of Civil Engineering, 17(4), 651–661.
KMA. (2017). Detailed analysis of 15 Nov. Pohang earthquake.
Kutter, B. L., Manzari, M. T., Zeghal, M. (2020). Model Tests and Numerical Simulations of Liquefaction
and Lateral Spreading LEAP-UCD-2017, Springer.
Kutter, B.L. & Wilson, D.W. (1999). “Deliquefaction shock waves”, In Proceedings of the 7th US-Japan
Workshop on earthquake resistant design of lifeline facilities and countermeasures against soil
liquefaction, Seattle. 295–310.

Map showing location of Pohang City Area. Google Earth, earth.google.com/web/.
Okamura, M., & Inoue, T., (2012). “Preparation of fully saturated models for liquefaction study”,
International Journal of Physical Modelling in Geotechnics, 12(1), 39–46.
Schofield, A.N. (1980). “Cambridge Geotechnical Centrifuge Operations”, Geotechnique, 30(3), 227–268.
Seed, H. B. & Idriss, I. M. (1967). “Analysis of soil liquefaction: Niigata Earthquake”, Journal of the Soil
Mechanics and Foundations Division, 93(3), 93-108.
Soga, K. (1998). “Soil liquefaction effects observed in the Kobe earthquake of 1995”, Proc., ICE:
Geotechnical Engineering, 131(1), 34-51.
Zeghal, M., Goswami, N., Kutter, B.L., Manzari, M.T., Abdoun, T., Arduino, P., Armstrong, R., Beaty, M.,
Chen, Y.M., Ghofrani, A., Haigh, S., Hung, W.Y., Iai, S., Kokkali, P., Lee, C.J., Madabhushi, G., Tobita,
T., Ueda, K., Zhou, Y.G., & Ziotopoulou, K. (2018). “Stress-strain response of the LEAP-2015 centrifuge
tests and numerical predictions”, Soil Dynamics and Earthquake Engineering, 113, 804–818.

96

2.12

THE EFFECT OF INPUT MOTION FREQUENCY CONTENT ON
THE BEHAVIOR OF SHEET PILE WALL DURING
LIQUEFACTION

YI-HSIU WANG
Department of Civil Engineering, National Central University, No. 300, Zhongda Rd., Zhongli District,
Taoyuan City, Taiwan (R.O.C.)
JUN-XUE HUANG
Department of Civil Engineering, National Central University, No. 300, Zhongda Rd., Zhongli District,
Taoyuan City, Taiwan (R.O.C.)
YEN-HUNG LIN
Department of Civil Engineering, National Central University, No. 300, Zhongda Rd., Zhongli District,
Taoyuan City, Taiwan (R.O.C.)
WEN-YI HUNG
Department of Civil Engineering, National Central University, No. 300, Zhongda Rd., Zhongli District,
Taoyuan City, Taiwan (R.O.C.)
Sheet pile wall is often used to be a retaining system at the riverbank due to its economy, convenience, and
constructability. The soil deposit nearby river is composed of alluvium soil and the ground water level at
this area is very high. Therefore, the soil deposit usually has high potential of liquefaction. The sheet pile
wall would be damaged or failed by soil liquefaction. The frequency content of every earthquake is different
under real condition. The different shaking with different frequency content would lead to different behavior
of the wall-soil system. Two dynamic centrifuge tests were conducted under 24 g centrifugal acceleration
field to simulate the sheet pile wall constructed at liquefiable ground with a prototypical excavation depth
of 3 m. The models were subjected to base shaking with different frequency content during tests. Test results
indicate the model subjected to the input motion with high frequency content has higher excess pore water
pressure excitation and excitation rate. The shallow layer soil in the backfilled area of it achieved initial
liquefaction. Moreover, it also has larger lateral displacement of sheet pile wall and ground surface as
compared to the other.
INTORDUCTION
Most of western Taiwan is alluvial plain with high groundwater level. Furthermore, Taiwan is located at the
Circum-Pacific seismic zone, the earthquake occurs frequently. Under these conditions, it would increase
the potential of soil liquefaction. Sheet pile wall is often used to be a retaining system at riverbanks, harbors,
and piers due to their cost-effectiveness, convenience, and constructability.
When the earthquake occurs, the shaking induced soil liquefaction would cause the sheet pile walls to be
damaged or failed. However, the frequency content for each earthquake is varied under real conditions;
earthquake shaking at different frequency contents will provoke different behaviors from the wall-soil
system.
Liquefaction Experiments and Analysis Projects (LEAP) is a series of collaborative research projects, and
LEAP aims to produce reliable experimental data for assessment, calibration, and validation of constitutive
models and numerical modeling techniques (Kutter et al., 2020). In LEAP-UCD-2017, nine different
centrifuge facilities conducted twenty-four separate model tests to obtain the meaningful assessment of the
sensitivity and variability of the tests. In LEAP-ASIA-2019, the centrifuge modeling tests to validate the
generalized scaling law and the model configuration is the same as LEAP-UCD-2017. In this study, two
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dynamic centrifuge tests were conducted to observe the effect of input motion frequency content on the
behavior of sheet pile wall at liquefiable ground.
TEST EQUIPMENT AND MATERIALS
The experiments were conducted by NCU geotechnical centrifuge with a capacity of 100g-ton in National
Central University (NCU), Taiwan. The NCU geotechnical centrifuge has a nominal radius of 3 m and
carried a 1-D servo-hydraulic actuator shaking table. NCU shaking table can operate under 80 g centrifugal
acceleration field with maximum payload of 400 kg. It has a nominal shaking force of 53.4 kN, the
maximum displacement is 6.4 mm, and the nominal operating frequency range is 0-250 Hz. A rigid container
is composed of aluminum alloy plates with inner dimensions of 767 mm (Length) × 355 mm (Width) × 400
mm (Height).
Ottawa sand F65 was used to prepare the liquefiable sandy ground and its properties are summarized in
Table 1. The minimum and maximum dry weights are 1445.96 kg/m3 and 1723.32 kg/m3, respectively.
Ottawa sand F65 is classified as poorly graded sand in the Unified Soil Classification System (USCS). The
specific gravity is 2.65 and the mean grain size is 0.20 mm. The sheet pile wall model was made of aluminum
alloy and its dimensions are shown in Figure 1. According to the scaling factor of centrifuge modeling at
24 g, the sheet pile wall model has N4 scaled stiffness (EI value) to simulate the same dynamic bending
moment behavior of prototype. The dimensions of the sheet pile wall without flange is 245 mm (Height) ×
340 mm (Width), and the thickness is 4.75 mm.
Table 1. Properties of Ottawa sand F65.
Properties
Specific gravity, Gs
Mean grain size, D50
Effective grain size, D10
Coefficient of uniformity, Cu
Coefficient of curvature, Cc
Friction angle (Dr = 65 %), φ65%
Friction angle (Dr = 90 %), φ90%
Maximum dry unit weight, γd(max)
Minimum dry unit weight, γd(min)
Hydraulic conductivity, k
Soil type (Unified Soil Classification System)

Values
2.65
0.20 mm
0.13 mm
1.65
1.09
34.24°
38.03°
1445.96 kg/m3
1723.32 kg/m3
0.013 cm/s
SP

Figure 1. Sheet pile wall model.
MODEL PREPARATION
After assembling the rigid container, the sandpapers (#120) were attached to the bottom of the container.
The Teflon tape was stuck on both sides of the container where the sheet pile wall was located. The air
pluviation method was adopted to make the sandy deposits model. A sieve box with No.16 mesh is equipped
on the pluviator. The bottom of the sieve box is a grille with three rectangular slots. The slot dimensions are
10.3 mm × 100 mm for dense sand strata (target Dr=90 %) and 1.2 mm × 100 mm for medium dense strata
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(target Dr=65 %), respectively.
Before installing the sheet pile wall, the vacuum grease was glued on the Teflon tape. In addition, the rubbers
covered two sides of the sheet pile wall to reduce the friction between the wall and the container. After
installing the sheet pile wall on the sand bed, the adjustable bars were temporarily fixed beside the wall
model. During air pluviation process, the accelerometers and pore pressure transducers were embedded at
specific locations as shown in Figure 2. Besides, the digital inclinometer was used to check the inclination
of the sheet pile wall. The curved surface was formed by using a vacuum and a specifically curved acrylic
scraper after air pluviation was completed. Twenty-five surface markers were placed on the soil surface and
six sticks of spaghetti were vertically penetrated to soil strata.
Before saturation, the carbon dioxide (CO2) was injected into the sealed container to supplant the air inside
the model. After continually injecting carbon dioxide for 30 minutes, stop the injection and start to vacuum
the sealed container. For all the models, the viscous fluid is a Methocel cellulose ether (MCE) solution
(Stewart et al., 1998). The methylcellulose solution with specific viscosity was dropped on the sponge
putting on the slope surface to saturate the model with the constant flow rate. During model saturation, the
air inside the container was simultaneously and continuously vacuumed out. After saturation finished, the
location and elevation of markers were measured by using digital vernier caliper. Four linear variable
differential transformers (LVDTs) were vertically installed on the soil surface and four LVDTs were
horizontally installed on the hinge of the sheet pile wall.
TEST PROCEDURE AND CONDITIONS
After the instruments were connected to the acquisition system, NCU centrifuge spun from 1 g to 24 g-level.
The tests were carried out by the sequence described below; (1) the first shaking event, a nondestructive
motion; (2) the first CPT test was implemented; (3) second shaking event, a destructive motion; (4) the
second CPT test was implemented; (5) the third shaking event, a nondestructive motion. The cone
penetration test system (Figure 3) is controlled by the stepping motor. After the centrifuge was stopped, the
final elevation of makers was measured by digital Vernier caliper and the soil profile was cut to observe the
deformation behavior of soil deposit from spaghetti’s deformation. The testing conditions are listed in Table
2. Two models were subjected to 1 Hz with different input motions frequency content (1 Hz and 3 Hz).
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Accelerometer
Pore water pressure transducer
Surface marker
Points of cone penetration test
Linear variable differential transformer
Spaghetti

Figure 2. Configuration of the model.
Table 2. Conditions of the models.
Test No.
PBA (g)
IA (m/s)
CAV (m/s)
PBA1Hz (g)
Model 1
0.15 g
1.05
8.68
0.08 g (52%)
Model 2
0.16 g
1.09
8.80
0.10 g (79%)
PBA: Peak base acceleration
IA: Arias intensity
CAV: Cumulative absolute velocity
PBA1Hz: Peak acceleration of 1Hz wave
PBA3Hz: Peak acceleration of 3 Hz wave

PBA3Hz (g)
0.08 g (45%)
0.03 g (6%)
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Figure 3. Cone penetration test system
TEST RESULTS
The positive acceleration is defined as the direction toward the backfill zone. All the test results hereafter
are presented in prototype scale. The peak base acceleration and the energy of model 1 and model 2 are
similar. The peak base acceleration of model 1 and model 2 is 0.15 g and 0.16 g, corresponding to the Arias
intensity of 1.05 m/s and 1.09 m/s, respectively However, they have different frequency content.
Acceleration Response
In model 1 (PBA=0.15 g), the peak accelerations of 1 Hz and 3 Hz both are 0.08 g. In model 2 (PBA=0.15
g), the peak acceleration of 1 Hz and 3 Hz are 0.10 g and 0.03 g, respectively. Figure 4 shows the acceleration
time histories of destructive motion in model 1 and model 2. The acceleration responses of the B, M, and
W arrays are the same at backfill zone (depth 2 m ~ 4.75 m), and spike waves are observed at backfill zone
(depth 0.75 m). The shallow soil after wall (W array) has less excess pore water pressure as compared to B
and M arrays, and the positive acceleration is higher than negative values because the inertial force of wall
and would easier to move to excavation area. The soil close to free filed (B and M arrays) liquefies with
symmetric spikes because of soil dilatancy. On the other hand, the FW and FWB array's acceleration
responses at the excavation zone are similar to the input motion.

Figure 4. The acceleration time histories of main shaking in model 1 and model 2.
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Excess Pore Water Pressure Histories
Figure 5 shows the excess pore water pressure generated behavior during destructive motion in model 1 and
model 2, where the black dashed line represents the initial effective overburden pressure. When the excess
pore water pressure reaches the initial effective overburden stress, the initial liquefaction occurred. In model
1, the excess pore water pressure at depth 3 m, 1.4 m, and 0.75 m in B, M, and W arrays reach the initial
effective stress; the initial liquefaction occurred at the backfill zone. At the depth 4.5 m in the W array, after
the excess pore water pressure dissipates completely, the water pressure is lower than the initial condition.
It may cause by the pore water pressure transducer uplifted because of the sheet pile wall moving forward
and backward during the shaking event. The model subjected to motion with more predominant frequency
of 3 Hz has higher excess pore water pressure excitation.

Figure 5. The excess pore water pressure time histories of main shaking in model 1 and model 2.
Lateral Displacement and Rotation Angle of Wall
The lateral wall displacement was measured by 4 horizontal linear variable differential transformers
(LVDTs) attached to the top and bottom part of the flange (Figure 6). The rotation angle was calculated by
the distance between two LVDTs and the displacement after shaking. Figure 7 shows the lateral wall
displacement behavior during destructive motion. The lateral wall displacement and rotation angle of the
models are listed in Table 3. From model 1 and model 2, the wall subjected to the input motion with more
frequency of 3 Hz content (from 6% to 45%) has a larger lateral displacement and rotation angle about 1.15
times and 1.5 times. The sheet pile wall moves toward to excavation zone after shaking for both tests. The
largest rotation angle changes and lateral displacement is under the peak base input motion of 0.15 g with
the frequency content of 1 Hz-52% and 3 Hz-45%.
Surface marker movement and ground surface settlement
Figure 8 shows the surface marker movement and settlement. The red arrows indicate the direction and
movement of the measuring point, and the different colors of the circle represented the settlement.
Comparing model 1 and model 2 with B2 and B9 markers, the model subjected to the motion with more
predominant frequency of 3 Hz has a smaller settlement about 0.5 times and 0.75 times. For B2 and B9
markers, the model subjected to the motion with more frequency of 3 Hz has a larger surface movement.
Four linear variable differential transformers (LVDTs) were vertically installed on the soil surface. The
ground settlement after the destructive motion in model 1 and model 2 are listed in Table 4. Model 1 and
model 2 have similar settlement, but there are two LVDTs out of function during testing. Under the same
input energy conditions, the model subjected to the input motion with more frequency of 3 Hz content would
lead to larger settlement of the ground surface about 1.1 times near the sheet pile wall.
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Table 3. The lateral wall displacement and rotation angle of the models.
Lateral wall displacement
Rotation angle
Top of the flange
Bottom of the flange
0.43 m
0.31 m
4.4°
0.36 m
0.28 m
2.9°

Test No.
Model 1
Model 2

Test No.
Model 1
Model 2

Figure 6. Position of LVDTs on the sheet pile wall.
Table 4. Settlement of the ground surface after main shaking.
WYWY+
ML
0.16 m
0.19 m
0.16 m
0.12 m
0.13 m
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Figure 7. Lateral wall displacement time histories of the main shaking.
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Model 1

Model 2

Figure 8. Surface markers movement and settlement.
Soil Strength and Deformation Profiles
The distribution of Cone tip resistance, qc, along the depth is plotted in Figure 9. In model 1 and model 2,
the penetrated point is the same before and after shaking. The speeds of penetration in model 1 and model
2 are 3.89 mm/sec and 5.31 mm/sec, respectively. The wall subjected to the input motion with more
frequency of 3 Hz content (from 6% to 45%) would lead to the more change of soil resistance along the
depth.
The horizontal displacement of spaghetti along the depth (Figure 10) is determined via a digitalized image
of the soil profile. The results indicate the horizontal displacement of soil reduce with increasing depth in
all the models. Comparing model 1 and model 2, the model subjected to the input motion with more 3 Hz
frequency content leads to a larger horizontal displacement about 1.7 times.

Model 2

Model 1
0.0

0.0
Before shaking
After shaking

Depth (m)

0.5
1.0

1.0
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1.5
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2000 4000 6000 8000
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0
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Figure 9. Cone tip resistance (qc) distribution along the depth.
NCU1_B_PUSH vs Depth
NCU1_A_PUSH vs Depth

NCU3_B_PUSH vs Depth
NCU3_A_PUSH vs Depth
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Model 1

Model 2

Figure 10. Displacement of spaghetti along the depth after centrifuge modeling test.

CONCLUSIONS
Two centrifuge modeling tests were conducted to observe the effect of input motion frequency content on
the behavior of sheet pile wall during liquefaction. Initial liquefaction was observed at backfill zone in all
the tests.
Due to the soil dilatancy, a spike signal was obtained from acceleration histories at backfill zone. The
acceleration responses at the excavation zone are similar to the input motion. The model subjected to motion
with more predominant frequency of 3 Hz has higher excess pore water pressure excitation. Under the same
input energy conditions, the wall subjected to the input motion with more frequency of 3 Hz content (from
6% to 45%) would lead to a larger lateral displacement and rotation angle about 1.15 times and 1.5 times.
The wall subjected to the input motion with more frequency of 3 Hz content (from 6% to 45%) would lead
to the more change of soil resistance along the depth. The model subjected to the input motion with more 3
Hz content (from 6% to 45%) leads to a larger horizontal displacement about 1.7 times.
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INTRODUCTION
slope with shaking-induced cracks, the post-shaking heavy rainfall accelerated the failure of the
slope, resulting in a massive and fast landslide.
Earthquakes and rainfall are two common factors triggering landslides (Keefer 1984; Schuster et al.
1996; Crosta 2004; Sassa et al. 2015) in various mountainous areas worldwide. Previous studies
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mainly focused on landslides or slope stability under a single disaster (either earthquakes or rainfall).
However, multiple natural disasters such as earthquakes and heavy rainfall pose a constant threat to
INTRODUCTION
some areas. In some cases, slopes with certain topographies or geological conditions have adequate
stability under normal static conditions, but become unstable when struck by horizontal forces from
Earthquakes and
rainfallcracks
are twooncommon
factors rather
triggering
(Keefer 1984;
et al.
earthquakes,
inducing
their surfaces
thanlandslides
failures, making
them Schuster
vulnerable
to
1996; Crosta
2004;attention
Sassa et isal.being
2015)paid
in various
mountainous
areas since
worldwide.
Previous
studies
rainfall.
Increasing
to this type
of slope failure
it has been
reported
in
mainly
landslides such
or slope
stability
underEarthquake
a single disaster
the last focused
several on
earthquakes,
as 2008
Sichuan
(Tang(either earthquakes or rainfall).
However, multiple natural disasters such as earthquakes and heavy rainfall pose a constant threat to
some areas. In some cases, slopes with certain topographies or geological conditions have adequate
stability under normal static conditions, but become unstable when struck by horizontal forces from
earthquakes, inducing cracks on their surfaces rather than failures, making them vulnerable to
rainfall. Increasing attention is being paid to this type of slope failure since it has been reported in
the last several earthquakes, such as 2008 Sichuan Earthquake (Tang
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et al. 2011). In this study, physical experiments on centrifuge model slopes were performed where
earthquakes and rainfall were simulated. The main objectives were to assess the failure triggering
mechanism of slopes subject to post-shaking rainfall and to investigate the differences between
slopes with cracks and those without cracks when they were subject to rainfall.
SCALLING LAWS
The centrifuge applies an increased “gravitational” acceleration to a physical model so that the
identical self-weight stresses in the model and prototype are realized. The scale model of the
prototype has macroscopic dimensions reduced by a factor N and the same mass density as the
prototype. When it is subject to a centrifugal acceleration equivalent to N times the Earth’s gravity
(g), the stress similarity can be achieved at homologous points in both model and prototype. The
scaling laws for common parameters in centrifuge modeling are listed in Table 1.
Table 1. Centrifuge scaling laws (N is the centrifugal acceleration).
Parameter
Dimension
Scale factor
(model/prototype)
Stress
M/LT2
1
Length
L
1/N
Acceleration (dynamic)
L/T2
N
Frequency (dynamic)
N
T-1
Time (dynamic)
T
1/N
Tdiff
Time (diffusion)
1/N2
Time (inertial)
T
1/N
Velocity (inertial)
L/T
1
L/Tdiff
Rainfall intensity
N
Suction
M/LT2
1
L3/Tdiff
Water flow rate
1/N
L/Tdiff
Discharge velocity
N
L/Tdiff
Hydraulic conductivity
N
PROGRAM
Three tests (A1, A2, and A3) were performed at the centrifuge in the Geotechnical Centrifuge
Center, Disaster Prevention Research Institute (DPRI), Kyoto University. This study aimed to
examine the effect of shaking-caused cracks on the behavior of slopes in response to subsequent
heavy rainfall. All 1:50 scale model slopes illustrated in Figure 1 were exposed to a centrifugal
acceleration field of 50 g in the process of testing.
The description of each model test is given in Table 1. Upon the achievement of designated
centrifugal acceleration of 50 g in tests A1, the inflight rainfall simulator was turned on in the
container that accommodated the model slope, whereas shaking with a target intensity of 230 m/s2
(4.6 m/s2 in the prototype scale) was excited to the models in tests A2 and A3 prior to rainfall.
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Figure 1. Centrifuge model.
Table 2. Test program.
Test
Target shaking
intensity
A1
None
A2
4.6 m/s2
A3
4.6 m/s2

Rainfall
intensity
30 mm/h
30 mm/h
30 mm/h

Description
Slope was subjected to only heavy rainfall
Slope was subjected to shaking and then heavy rainfall
Repeatability of test A2

In this study, centrifuge model tests on slopes subject to dynamic loading and/or rainfall were carried
out. Dynamic loading was excited to model slopes on the shaking table, and rainfall was simulated
by sprays from a rainfall simulator.
MODEL SOIL
Masado, a decomposed granite soil consisting of a certain amount of silt, was used here to make
model slopes. The uniformity coefficient Cu and curvature coefficient Cc were calculated to be
7.46 and 1.01 from the particle size distribution curve of Masado in Figure 2a; the fines content was
about 10%. The soil was named well-graded sand with silt (SW-SM) according to theAmerican
Society for Testing and Materials classification system. The compaction curve is plottedin Figure
2b.
The stepwise moist-tamping technique was employed to prepare soil specimens. Water instead of
other viscous fluid was used as the experimental fluid to prepare model slopes and simulate rainfall
in all the tests; this was because liquefaction was unlikely to occur in slopes during shaking if initial
high suction existed in slopes after compaction. Horizontal lines of various heights and the final
slope line were delineated on the inside of the container’s transparent wall; compaction of soil layer
by layer and placement of sensors at the corresponding positions were then performed. In each layer
of soil, the water content is 10% and the degree of saturation is 0.35. Once the compaction was
completed, excess soil was scraped away.
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Figure 2. Properties of Masado soil: (a) particle size distribution and (b) compaction curve.
During the making of the model slope, accelerometers were placed inside the model and makers
along the profile. The layout of accelerometers and makers is given Figure 3, the results of
accelerations recorded by accelerometers and soil displacement represented by markers would be
discussed in the following sections.

Figure 3. Layout of accelerometers and markers in the centrifuge model slope.
The model slope in the container is shown in Fig. 1 and main soil properties of the model after
preparation are listed in Table 3.
Table 3. Soil properties.
Property
Dry unit weight
Relative density
Void ratio
Degree of saturation
Specific gravity
Saturated hydraulic conductivity

Value (unit)
14.70 (kN/m3)
85%
0.75
0.35
2.63
4.4 (mm/h)

RESULTS
Repeatability
As indicated in Table 2, repeated tests A2 and A3 were performed to verify the test results.
Acceleration response during shaking and soil displacement during rainfall in two tests were briefly
presented.
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Figure 4 plots the maximum accelerations recorded during shaking in tests A2 and A3. The
acceleration response was consistent in each test. The recorded input accelerations in four tests had
an averaged peak value of 4.64 m/s2, and the differences between the recorded maximum
accelerations and their average value were within ±3.0 %. The greatest peak acceleration was in
A5 in each test. The acceleration response showed a good agreement between test A2 and test A3.
Recorded maximum accelerations
Acceleration (m/s2)

7
6
5
4
3
2
1
0
Test A2
A0

Test A3
A1

A2

A3

A4

A5

Figure 4. Maximum accelerations during shaking in tests A2 and A3.
Figure 5 shows the soil displacement during rainfall in test A2 and A3, with the downslope direction
taken as positive in displacement. The soil displacement indicated similar results in the repeatability
tests. Both the initiation time and growing trend of soil displacement were similar in both tests.
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Figure 5. Soil displacement during rainfall in tests A2 and A3.
From the acceleration and displacement results, it can be seen that the tests with shaking and
rainfall were well reproduced, thus showing the validity of the tests.
Acceleration Caused by Rainfall
The sinusoidal shaking with a frequency of 50 Hz (1 Hz in the prototype scale) and a duration of
0.8 s (40 s in the prototype scale) was excited to the container on the shaking table once the
centrifugal acceleration went up to 50 g in test A2. The accelerations recorded at the bottom of the
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container and inside of both slopes are shown in the prototype scale in Figure 6. The maximum
input accelerations in test A2 was 4.56 m/s2.

Figure 6. Acceleration during shaking in test A2.
Soil displacement Caused by Shaking
During the shaking test, a high-speed camera was mounted in front of the model slope, so the soil
movement traced by markers would be determined using image analysis technique. This section
presented the soil displacement caused by shaking.
As shown in the displacement vectors after shaking in Figure 7(a), soil near the slope surface mainly
moved while soil in the upper-right part of the slope did not have much movement, resulting in the
displacement discontinuity and thus the cracks near the shoulder of the slope crest. The red line in
Figure 7(a) clearly depicted the slope surface after shaking, and the horizontal part showed the range
of cracks on the crest and soil settlement, with comparison to the red line that represented the original
slope surface.

Figure 7. Displacement vectors (a) and plan view (b) of slope crest after shaking and in test A2.
Figure 7(b) provides the plan view after shaking was completed. The length and width of the cracks
were determined through image analysis. However, the depth of the cracks was not visible during
or after shaking despite the high-speed camera in front of the container to capture the slope motion.
Although several crack lines were found on the surface, the main crack in tests A2 and B2 that
influenced the landslides caused by rainfall in the next sections was the one farthest away from the
slope shoulder, with a distance around 18 mm (0.9 m in the prototype scale). The width
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of each crack was not very distinguishable and the image analysis indicated that the width of the
main crack after shaking was approximately 0.8 mm, which would be 4 cm in the prototype scale.
The cracks lines were mainly near the shoulder and were quite concentrated. It was these cracks
that greatly influenced the slope response to the subsequent rainfall, which would be discussed in
the next section.
Soil Displacement Caused by Rainfall
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Figure 8 provides the displacement of soil at three different locations in the slopes during rainfall.
Landslide kinematic was analyzed based on the time history of soil displacement. The soil
displacement had different patterns in two test series and the effect of shaking-induced cracks on
soil displacement depended on the rainfall intensity.
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Figure 8. Soil displacement during rainfall in tests A1 and A2.
First, soil displacement of the slope during post-shaking heavy rainfall was larger, in comparison
with that of the slope during heavy rainfall without antecedent shaking. According to the
displacement of three different points in the slope throughout rainfall in Figure 2, the kinematic
behavior of the slope subject to post-shaking rainfall in test A2 was distinct from that of the slope
subject to only rainfall in test A1. The presence of cracks on the slope crest translated into a
detrimental effect on the incidence of slope failure during heavy rainfall in test A2. The failure of
the slope with shaking-induced cracks during rainfall was abrupt and the soil displacement was
excessively greater compared with the slope subject to only rainfall. Second, soil displacement of
the slope during post-shaking heavy rainfall was faster, in comparison with that of the slope during
heavy rainfall without antecedent shaking. At nearly 27 h since the beginning of rainfall, the
horizontal and vertical displacement of M3 suddenly increased significantly in a very short time,
which was largely different from that in test A1. The soil displacement of the slope subject to postshaking heavy rainfall showed a totally different pattern from the one displayed by the homogeneous
slope subject to only heavy rainfall.
CONCLUSIONS
Three centrifuge model tests on 1:50 scale model slopes have been carried out to examine the
response of slopes subject to heavy rainfall when they were exposed to antecedent shaking and
evaluate the corresponding landslide triggering mechanisms. It was found that shaking-induced crest
cracks on the slope were near its shoulder, and the existence of cracks greatly affected slope
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behavior during the following rainfall. In addition, heavy rainfall greatly accelerated the failure of
the slope with shaking-induced cracks, resulting in a rapid and massive landslide. One direct
implication from the experimental results is that remedies, such as covering the cracks oor
arranging drains at the slope toe area, are necessary once an earthquake strikes a slope and induces
tensile cracks. Consequently, it will be effective to prohibit or restrain the occurrence of sudden
slope failure and obtain sufficient time for the evacuation of people living near the bottom of the
slope.
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It is well known that a tree root system has a role in reinforcing a slope. However, the slopes where trees
are distributed collapsed in the 2018 Hokkaido Eastern Iburi earthquake. The slope stabilization effect by a
tree root system might be limited during an earthquake. This study aims to investigate the influence of the
inertial force of trees on slope failure during an earthquake by performing dynamic centrifuge model tests
of a slope with and without tree models. The tree root was simply modeled in the vertical and horizontal
direction. The above-ground part of the tree was modeled as a cylinder, and the mass of the tree was taken
into consideration at the top of the tree model. The slope was steep with an inclination angle of 35 degrees.
We considered two types of slope: the case with no-slip layers and the case including a slip layer. First, in
the absence of slip layers, the effect of the presence or absence of trees on slope stability was investigated.
The slope with and without trees did not collapse; the tree effect was not observed on the slope failure. Next,
the effect of trees on slope stability in the presence of a slip layer was studied. The slope with a slip layer
collapsed in both cases with and without trees. However, the case with trees collapsed faster than the case
without trees. The experiments have revealed that trees and slip layers affect the slope failure mechanism
due to the earthquake.
INTRODUCTION
It has been shown mechanically that tree root systems contribute to slope stability by reinforcing shear
resistance at the slip layer. According to previous studies, the function of the tree roots was evaluated by
conducting a direct shear test in situ (Abe, 1996). The slope stability was affected by the root distribution
and penetrations in Thailand (Nilaweera and Nutalaya, 1999). Plant density influences the reinforcement of
the soil by root systems (Loades et al., 2010). Root pull-out forces are important for slope stability based on
the pull-out test results (Schwarz et al., 2011). However, the slopes where trees were distributed collapsed
during the 2018 Hokkaido Eastern Iburi earthquake. When the tree vegetation was compared between
collapsed and non-collapsed slopes in some watersheds, the tree vegetation of the collapsed slope was found
to be different from the non-collapsed slope (Tanaka et al., 2021). The slope stabilization effect by a tree
root system might be limited during an earthquake. It is necessary to elucidate the effects of trees on the
slope failure mechanism during earthquakes. The tree root system was modeled in detail, and the centrifuge
model tests were conducted to study the slope stability during an earthquake (Liang et al., 2015; Liang et
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al., 2017). However, there are few experimental studies on the effects of trees on seismic slopes under
simulated tree ground vibrations. This study aims to investigate the influence of the inertial force of trees
on slope failure during an earthquake by performing dynamic centrifuge model tests of a slope with and
without tree models.
MATERIAL AND METHODS
Centrifuge facility
The experiments were conducted using a beam-type geotechnical centrifuge having an effective radius of
2.5 m, located at the Disaster Prevention Research Institute, Kyoto University. A swinging platform has a
shaking table. The direction of shaking was tangential to the radial arm of the centrifuge, and the
experiments were carried out under a centrifugal acceleration of 40 G. A box having inner dimensions of
0.45 m (length) × 0.15 m (width) × 0.30 m (height) was used for the tests. The experiments were conducted
considering different types of sloping models under the presence of a tree. A summary of the scaling laws
adopted is shown in Table 1.
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Sloping Ground Model Soil Properties, and Tree Model
Masado sand and silica sand No. 6 were used as sand materials for the centrifuge model. The grain size
distribution curve of Masado sand is shown in Figure 1. The paper presents four cases of centrifuge
experiments; two cases in Figure 3 to explain the influence of trees (with and without trees) and two cases
in Figure 4 to explain the combined influence of trees and layers (with and without trees). The sloping
ground model was prepared by compacting one layer of Masado sand, which was adjusted to a water content
of 15% and a dry density of 1.5 g/cm3. The result of the compaction test is shown in Figure 2. The degree
of compaction was defined as 87.2 % in all the cases based on the relationship between water content and
dry density. A 1 cm thick slip layer was prepared with silica sand No.6. The sloping ground model was
fabricated at an inclination of 35 degrees. For Cases 3 and 4, the lower edge of the slope was shaped to a
slope of 50 degrees.
The adopted model tree specifications can be found in Table 1. The tree model was created using a 3D
printer. A cylinder simply represented the trunk shape, and the root system was simply modeled as
horizontal roots and vertical roots. The tree trunk was 3.4 m in the prototype scale. The tree mass was created
by attaching nuts to the top of the tree model. The depth of the vertical roots was set to 1.2 m in the prototype
scale.
The input wave is shown in Figure 5. The sine waveform having an excitation frequency of 1 Hz was used
as an input motion for Cases 1 and 2. On the other hand, a similar waveform with an excitation frequency
of 0.5 Hz was used for Cases 3 and 4. The amplitude of the input wave was gradually increased.
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Figure 3. Schematic ground model in Cases 1 and 2.

Case 3
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Figure 4. Schematic ground model in Cases 3 and 4.

Table 1. The tree model specifications.

Density
(kg/m3)
Mass
(kg)
Top Mass
(kg)
Root
depth (m)
Natural
frequency
(Hz)

Model

Prototype

1.20×103

1.20×103

2.57×10-2

1.64×103

1.87×10-2

1.19×103

0.03

1.2

18.82

0.47
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Figure 5. Input wave of 1.0 Hz, and input wave of 0.5 Hz,
The Influence of the Tree and Slip Layer on the Slope
All the results are shown in the prototype scale; unless mentioned otherwise. Shaking test was performed
five times. The surface deformation of the slope was not observed for Cases 1 and 2 even after fifth shaking.
On the other hand, the surface deformation of the slope was observed for Cases 3 and 4 involving a slip
layer after the fifth shaking. The maximum acceleration of five shaking in A1 from Case 1 to Case 4 was
shown in Table 2. The maximum acceleration of each shaking did not show a large difference between Case
1 and Case 2. Also, Case 3 and Case4 have no significant difference in each shaking.
Figure 6 represents the position of the side marker for Cases 3 and 4. The displacement time history near
the slip surface on Cases 3 and 4 is shown in Figure 7. The displacement near the slip layer was investigated
to discuss about the influence of the tree and slip layer. The difference in collapse mechanism of slope for
Cases 3 and 4 is explained by comparing the beginning of collapsing times. In the experiments, slope failure
is assumed when the side marker measured a horizontal amplitude larger than the horizontal amplitude of
some seconds after the beginning of shaking. The horizontal displacement of the side marker 6 seconds after
the beginning of shaking was smaller than 5% of the horizontal displacement of the side marker after
shaking. The criterion for slope failure in this study was defined as 5% of the horizontal displacement of the
side marker after shaking. The collapse time for Cases3 and 4 can be estimated from the horizontal
displacement time histories of the side markers. The collapse time was represented by dashed line as shown
in Fig.7. The average collapse time for Case 3 was 34 seconds after the beginning of shaking, while the
average collapse time for Case 4 was 26 seconds after the beginning of shaking. At the collapse time, the
amplitude of the acceleration was 3.8 m/s2 for Case 3, and 3.4 m/s2 for Case 4. Arias Intensity until the
collapse time was 6.1 m/s for Case 3, and 4.1 m/s for Case 4. The slope covered with trees have less Arias
Intensity at the beginning of the failure than the slope without trees. Therefore, the slope failure was affected
by trees and slip layers. Under the presence of a slip layer, slope with trees may collapse more rapidly than
the slope without trees.
Table 2. Maximum acceleration of five shaking in A1.
Case1 Case2 Case3 Case4
No. of shaking
(m/s2) (m/s2) (m/s2) (m/s2)
1

1.6

1.6

0.5

1.0

2

1.8

1.8

0.9

0.9

3

2.4

2.5

2.2

2.2

4

4.0

3.7

3.6

3.7

5

5.0

4.9

5.6

5.2
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Figure 6. The position of the side Marker in Cases 3 and 4.
4.CONCLUSION
In this study, the influence of the inertial force of trees on slope failure during an earthquake was investigated
by performing dynamic centrifuge model tests of a slope with and without tree models. The slope involving
a slip layer collapsed in both cases with and without trees. However, the case with trees collapsed more
rapidly than the case without trees. The experiments revealed that trees and slip layers may affect the slope
failure mechanism during an earthquake. In future work, an experiment of seismic tree vibration would be
carried out on the gentle slopes.
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Landslides can be defined as the downward and outward movement of slope-forming material in the
form of rock, soil, artificial materials, or a combination of the three. One of the main triggersof
this incident is earthquake, which is fully demonstrated during the infamous 1999 Chi-chi
earthquake in Taiwan. This incident has caused a massive landslide in the mountainous area, causing
massive casualties, economic loss, and damaging a lot of infrastructures. To preventingthis incident
in the future, green engineering is proposed to improve slope stability while also solving the climate
change problem worldwide. Therefore, a series of centrifuge tests have been performed in National
Central University geotechnical centrifuge research facilities to study the impact of rootreinforcement system under gravity and dynamic conditions on the stability of sandy soil slope.
Wheatgrass and red bean are selected for this research because of their ability to grow in sandy soil
and their root system. The seeds were planted on the slope surface of 45 degrees' sandy slope with
200 mm in height. The model was made out of 50% relative density fine silica sand mixed with 10%
water content. The growth time for wheatgrass plan is seven days before static and dynamic
centrifuge modeling procedures are conducted. From this study, it canbe concluded that: root
reinforcement system enhances both gravity and dynamic stability sandy slope model by increasing
the slope critical height by double in static condition and massively reduce horizontal slope
deformation when subjected to 0.15g PBA input motion.

INTRODUCTION

In the past few decades, there have been more than 1.5 million natural disasters worldwide, causing
enormous economic losses. About 35 countries have appeared in three kinds of disasters, while
Taiwan has about 90% living in areas where two or more natural hazards are impacted. However,
the most common types of hazards in Taiwan are earthquakes, landslides, and heavy rainfall.
On September 21, 1999, the Chi-chi earthquake occurred with a magnitude of 7.7 Mw. Taiwan's
Nantou County was the epicenter of this earthquake. The earthquake caused some damage to
infrastructure, 2415 deaths, 11305 injuries, and NT$300 billion in damages. After the Chi-chi
earthquake, numerous landslides were reported, including landslides on the trails in 99 Peaks Forest.
The most important issue in geotechnical engineering is the prevention of slope disasters, which can
be solved by the method of soil and water conservation. The main objective is to effectively protect
soil, control resources and reduce soil erosion, landslides and earth movement. In recent years, more
attention has been paid to ecological protection, including slope stability. There is hope that the

120

traditional method of slope stabilization can be replaced by eco-engineering. The direct and effective
method used in eco-engineering is vegetation engineering. Its function can be divided into two parts:
one is soil water conservation and erosion control, and the other is to improve slope stability.
Several studies have been performed to simulate the slope stability under gravity and dynamic
conditions. Askarinejad and Springman (2015) used centrifuge models to determine the effects of
plants on the stability of a silty sand slope under rainfall conditions. In this study, the plant used was
Avena Sativa, which belongs to the oat family. The slope model was constructed from silty sand
with an initial water content of 15%. The four centrifuge models were conducted under a
gravitational acceleration of 50g and a rainfall with an intensity of 1.27 mm/hour at prototype scale.
This study shows that the vegetation on the slope undergoes a better infiltration process than the nonvegetated models. Liang et al. (2017) investigated the effect of model slope height on the role of
vegetation in increasing its stability. In this study, ABS plastic was used to model plant roots. Six
centrifuge models were performed under gravitational acceleration of 10g and 30g, corresponding
to slope scales of 1:10 and 1:30. Then, eight earthquake input motions were applied to the slope to
determine the effect of slope height on peak acceleration amplification. The results of this study
show that the slope height had a different influence. For high slopes, root reinforcement was not an
effective solution. For slopes that were not too high, root reinforcement showed good results in
reducing seismic slippage.
Therefore, a series of centrifuge tests have been performed in National Central University
geotechnical centrifuge research facilities to study the impact of root reinforcement systems under
gravity and dynamic conditions on the stability of sandy soil slope.
TESTING APPARATUS AND MATERIALS
Materials
Silica sand is the main material used in this slope. Based on the element test results, silica sand has
a specific gravity of 2.65, the maximum unit weight of 16.30 kN/m3, and the minimum unit weight
of 14.10 kN/m3. Based on the Unified Soil Classification System (USCS), this silica sand can be
classified as poorly graded sand (SP).
Table 1. Silica sand physical properties
Properties
Specific gravity
D50
D10
Internal friction angle
Maximum dry unit weight
Minimum dry unit weight
Permeability

Unit
mm
mm
degrees
kN/m3
kN/m3
m/s

Value
2.65
0.19
0.15
30.39
16.3
14.1
9.31×10-5

In this study, three types of vegetation with different root systems were used to simulate different
root reinforcement systems on slopes, i.e., wheatgrass, which has a fibrous root type; adzuki bean,
which has a taproot with horizontal spread. To confirm the stability on slope, a series of direct shear
tests and constant head tests were conducted in this study. The results show that root reinforcement
can increase both the friction angle and cohesion of sandy soil. Otherwise, the permeability of
the sandy soil with root reinforcement was lower than the permeability of the bare sandy soil.
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Figure 1. Vegetation with different root reinforcement types
Table 2. Element test results
Test name and
properties

Cohesion
(kPa)

Bare soil
Fibrous root
(wheatgrass)
Taproot with
horizontal spreading
root (red bean)

Engineering properties
Friction angle
Permeability
(o )
(m/s)
30

Root area ratio
(%)

3.4

32

0.5

2.3

34

0.5

Figure 2. Pullout failure evidence and condition of roots after subjected to shear
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Apparatus
A series of centrifuge modeling tests using the NCU geotechnical centrifuge and shaking table
(NCU-GCST) were conducted in the Experimental Center building of Civil Engineering (ECCE) at
National Central College to simulate slope stability under gravity and dynamic conditions. The
specifications of the NCU geotechnical centrifuge and the NCU integrated geotechnical shaking
table are shown in Table 3 and Table 4.
Specimen were compacted in a container with inner dimensions of 736 mm × 385 mm × 200 mm
(L × H × W). The back face and the transparent side have a thickness of 15 mm and 20 mm,
respectively. The container was made of aluminum with a transparent glass-like side to observe the
slope failure process during the tests and record videos and photos of the slope deformation before
and after the tests. During the dynamic test, accelerometer was placed at the specified position and
parallel to the vibration direction. Ten accelerometers were placed inside the slope, while two more
accelerometers were placed on the shaker to measure the vibration waveform. The measurement
distance of the accelerometer is about 4.905 m/s, with the NI SCXI 1531 acquisition module for the
power supply and measurement of accelerometer.
Table 3. NCU geotechnical centrifuge machine
Specification criteria
Nominal radius
Machine capacity
Maximum rotation speed
Maximum acceleration field
Table 4. NCU integrated geotechnical shaking table
Specification criteria
Method
Shaking type
Shaking direction
Normal shaking force
Maximum shaking velocity
Maximum table displacement
Maximum payload displacement
Maximum payload weight
Nominal shaking frequency range
Maximum acceleration

Specification
3m
100g-ton
250 rpm
250g

Specification
Servo hydraulic single acting system
Periodic or random determined type
One direction
±53.4 kN
±1m/s
±6.4 mm
1 m × 0.5 m × 0.5m (L × W × H)
400 kg
0 – 250 Hz
80 g

TEST METHODOLOGY
In this study, a series of centrifuge modeling tests were conducted using a centrifuge to evaluate the
effects of the root reinforcement system on the slope under gravity and dynamic conditions. A 250
mm sandy slope model with a slope angle of 45 degrees was used for the centrifuge model. The soil
density is 14.95 kN/m3, which corresponds to a relative density of 50%. Vegetation seeds were
planted only on the slope face. Ten accelerometers were placed in the slope to measure the peak
ground acceleration on the slope, and two accelerometers were placed on the shaker to measure the
peak base acceleration. Table 5 shows test planning in this study. First, three models
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were conducted under gravity effects on slopes with and without vegetation. Second, three models
were conducted under dynamic effects on a slope with and without vegetation.
Table 5. Test planning
Test name
Bare soil gravity test
Fibrous root gravity test
Taproot with horizontal spreading
root gravity test
Bare soil dynamic test_0.17g
Fibrous root dynamic test_0.14g
Taproot with horizontal spreading
root dynamic test_0.17g

Gravitational acceleration
(g)
45
80

Condition
Gravity

54
40
40

Gravity + dynamic

40

Gravity conditions were performed by continuously increasing the gravitational acceleration until
sliding on the slope occurred. In this study, the highest gravitational acceleration was 80g,
corresponding to a bare soil slope reinforced with fibrous roots. In the dynamic condition, the
slope was spun to an acceleration field of 40g, corresponding to the acceleration at which the slope
no slide happened. Once the desired acceleration field is reached, the dynamic simulation is started.
Several small action cameras are installed in the container to observe the ground surface condition
during the centrifuge flight and another fisheye camera is installed on the platform of the centrifuge.
After completing the test, the model was removed from the centrifuge machine and a profile was cut
to evaluate the distribution of water content of the soil.
TEST RESULTS
Gravitational Condition
The gravitational model was spun until failure and its failure mechanism is observed during the
increasing acceleration field. The bare soil gravity test was performed without any root system on
the surface of the slope. Initial slippage is observed at gravity acceleration of 45 g gravitational
acceleration and continues with increasing gravity acceleration. When the acceleration due to gravity
has already reached 80 g, almost the entire surface of the slope has slid. The fibrous root gravity test
was performed with an additional root reinforcement system on the slope face under gravity
conditions. Surface failure occurred at a gravity acceleration of 80 g, and the sliding ratiois 7.95%.
The taproot with horizontal spreading root gravity test was conducted with an additional root
reinforcement system at the slope face under gravity conditions. The surface failure occurred at a
gravity acceleration of 54 g, and the sliding area ratio is 100%. The sliding area ratio in thistest
indicates that the entire surface of the slope slid. Based on the centrifuge modeling results, it shows
that the root reinforcement system on the slope can increase the stability of the slope. A bare soil
slope could only withstand a gravity acceleration of 45 g; whereas, a slope with a root reinforcement
system could withstand a gravity acceleration greater than 45 g.
The initial and failure conditions of the slope with and without the root reinforcement system are
shown in Figure 4. In this figure, the slope with fibrous root system remains stable compared to the
other types of root reinforcement and bare soil slopes. Most of the slides that occurred in this study
were translational slides. This type of slide occurred on slopes with bare soil slope and slopes with

124

single taproot and smaller hairy secondary root system (sunflower). However, the slope with
taproot with horizontal spreading root type (red bean) exhibited a rotational sliding type.

Bare Soil

Fibrous root (wheatgrass)

Taproot with horizontal spreading root (red bean)
Figure 3. Sliding area ratio of slopes under gravity condition
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Figure 4. Ground surface elevation change of slopes under gravity condition
DYNAMIC CONDITION
Dynamic conditions of the slope with PBA ≒ 0.15g were performed on unreinforced and reinforced
slopes. The root reinforcement systems used are the fibrous root and taproot with horizontal
spreading root types. Figure 5 shows a slide on the surface of the slope. It shows that the bare soil
slope and slope with a taproot with horizontal spreading root system have 100% sliding area on the
slope surface. The slope was reinforced with the fibrous root type; the sliding occurred with an area
ratio of 69.49% or 62.90 m2.
This shows that the different types of root systems and their distribution affect the stability of the
slope under dynamic conditions. Based on the research results, a fibrous root system on the slope
can increase the stability of the slope under dynamic conditions (PBA ≒ 0.15g). The fibrous root
system can also resist under dynamic conditions because this type of root consists of a large number
of roots and all roots can penetrate deeper into the soil.
From the side view picture shown in Figure 6, it is evident that the horizontal movement of depletion
and accumulation is more pronounced for the bare soil than for the slope provided with a root
reinforcement system. The normalized horizontal movement of depletion is smaller than the
normalized horizontal movement of accumulation on the slope with the fibrous root system. The
depleted soil mass is accumulated at the base of the slope. In the slope reinforced with taproot with
horizontal spreading root system, there is a uniform sliding on the slope (simultaneous sliding of the
slope surface). Depletion occurs with a normalized horizontal movement of depletion of 0.08or
0.64 meters on the prototype scale in the slope crest.
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Bare Soil

Fibrous root (wheatgrass)

Taproot with horizontal spreading root (red bean)
Figure 5. Sliding area ratio of slopes under dynamic condition
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Figure 6. Ground surface elevation change of slopes under dynamic condition

CONCLUSIONS
Based on the study, it can be concluded that root reinforcement system enhances both gravity
and dynamic stability sandy slope model by increasing the slope critical height by double in
static condition and massively reduce horizontal slope deformation when subjected to 0.15g
PBA input motion.
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A NEW GEOTECHNICAL CENTRIFUGE INSTALLATION AND
PERFORMANCE VERIFICATION AT IIEES, IRAN
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Geotechnical Research Center, International Institute of Earthquake Engineering and Seismology, No.21,
Arghavan st.,Northern Dibaji st.,Lavasani Ave.(Farmanieh)
Tehran, 19395/3913, Iran
To development geotechnical facility in Iran, International Institute of Earthquake Engineering and
Seismology (IIEES) was purchased a geotechnical centrifuge C67-2 model type from Actidyn Company
about two decades ago that is capable of accelerating an 850 kg payload to a maximum of 130 g. The radius
of the centrifuge arm is 3 m and the swinging-basket type centrifuge platform can support a container
footprint of 1 m by 0.8 m. Since this centrifuge machine was not installed by its manufacture for almost one
decade, this Actidyn geotechnical centrifuge have been started to being installed and run by the purchaser’s
professionals for the first time. This paper describes some details of the installation process in IIEES and
results of a series of proof tests- centrifugal modeling of surface fault rupture propagation through sand- for
verifying its performance by using of modeling of model tests to validate in this regard.
INTRODUCTION
International Institute of Earthquake Engineering and Seismology (IIEES) is as the only multi-disciplinary
research center within earthquake related fields in Iran. The set of laboratory capabilities of IIEES in the
field of geotechnics has been formed since three decades ago and has been active in all important fields of
geotechnical earthquake engineering over the past years. Although IIEES has started developing a regional
hub with world-class experimental facilities, which is the first of its type in the country and the surrounding
region: The Advanced Earthquake Engineering Laboratory (AEEL) consists of several types of structural
and geotechnical testing facilities to enable major progresses in experimental investigations in the field of
earthquake engineering.
To development geotechnical facility in this regard, IIEES was purchased a geotechnical centrifuge from
the French company Actidyn in 2002. This geotechnical centrifuge is similar in specification to Dundee
University’s centrifuge (Davies et al. 2001) and is C67-2 model type. That is capable of accelerating an 850
kg payload to a maximum of 130 g and 1500 kg payload to a maximum of 100 g. The 3 m radius of the
centrifuge arm permits an essentially uniform g-level to be applied to the full height of the centrifuge model.
The swinging-basket type centrifuge platform can support a container footprint of 1 m by 0.8 m. Since this
centrifuge machine was not installed by its manufacture for almost one decade, this Actidyn geotechnical
centrifuge have been started to being installed and run by the purchaser’s professionals for the first time. In
this paper, some details of the installation process are described and results of a series of proof tests for
verifying its performance are presented.
INSTALLATION
The construction of AEEL began with a considerable delay in 2012 in North East of Tehran (Sohanak area)
and is still under development. The complex is extended over an 8000 square meters area, consisting of the
main divisions such as strong floor and reaction wall, shaking table and geotechnical centrifuge facility.
In this section, the activities performed on the centrifuge from the beginning of the construction of the
Advanced Earthquake Engineering Laboratory in Sohanak are described that can be counted during the
following two periods of activities:
- Construction and installation of mechanical body of centrifuge
- Installation of hydraulic and electrical equipment of centrifuge and its preliminary commissioning without
any model
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After construction of the foundation of the centrifuge at AEEL according to the instruction given by
ACTIDYN, the installation of the main mechanical parts of the centrifuge machine including the arm and
its base assembled. The centrifuge chamber walls were also constructed according to instructions given by
ACTIDYN and finally centrifuge operation building was completed. The photos in the Figure 1 show some
stages of construction and installation in this regard.
After completing the construction and installing the mechanical body of the centrifuge, after more than a
decade of purchasing the centrifuge, the boxes of the hydraulic and electrical equipment of the centrifuge
were opened as shown in Figure 2.
After that the cabling and installation of hydraulic equipment of the centrifuge machine were performed as
shown in the Figure 3.Then installing the motor and electrical systems were performed and the centrifuge
was set up preliminary and was rotated without any model on it as shown in the Figure 4.
PERFORMANCE VERIFICATION BY USING OF MODELING OF MODEL TESTS
The basic idea of centrifuge modeling is to accelerate a reduced scale to recreate stress conditions, which
would exist in a prototype, by increasing n times the “gravitational” acceleration in a 1/n scaled model in
the centrifuge. Scaled model experiments must be designed based on similarity laws are generally derived
through dimensional analysis, from the governing equations for a phenomenon, or from the principles of
mechanical similarity between a model and a prototype (Garnier et al., 2007).
In the modeling of model tests technique, the two models are modeled from the same main phenomenon
and with different scales, and as theoretically it is expected that the results of the two models in the field of
accelerations proportional to these scales are the same. A proper control over the modeling method is
achieved at different scales and appropriate accelerations. It should be noted that the scale range of the
models should also be within a limited range - it does not make much difference.

Carrying the main mechanical parts

Preparation of foundation and centrifuge
chamber

Construction of centrifuge chamber walls

Deployment of the main body and centrifuge
arm
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Construction of centrifuge operation building

Construction of centrifuge chamber roof

Placement of the upper part of the centrifuge
Steel-concrete centrifuge chamber after
cabinet
completion
Figure 1. Some stages of construction and installation of the mechanical body of the centrifuge

Centrifuge motor box during opening

Hydraulic system box during opening

Figure 2. Opening the boxes after more than a decade

Complete the rotary installation

Rotary installation operation

Figure 3. Installation of hydraulic system

Installation of electro motors

Installation of high voltage slip ring
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View of the control room of the centrifuge at
start-up

Centrifuge set up inside the protection chamber

Figure 4. Activities performed in the installation of electrical motors and rotation of centrifuge
without models
In order to the setting up the centrifuge and its validation for physical modeling tests, a series of proof tests
were performed regarding surface fault rupture propagation through sand based on IIEES is one of the
leading research centers in this field with valuable experience and has some physical modeling apparatuses
regard that as shown in Figures 5 & 6 . Also it was possible to compare the results with the centrifuge tests
in the world.

Figure 5. The 1-g model tests apparatus of IIEES (left) and the pluviation technique with an
electric sand rainer (right)

Figure 6. Propagation procedure of surface fault rupture in a 20 cm thick model. a- The occurrence
of the secondary rupture. b- The top view of this model.
Two proof tests regarding physical modeling for surface fault rupture propagation through sand as shown
in Figure 7 was tried to design using the existing facilities in IIEES have been done based on the technique
of the modeling of model tests. The validation of acceleration by IIEES centrifuge at different levels has
been evaluated by measuring the variables at different acceleration levels as explained later.
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Figure 7. Model geometry for surface fault rupture propagation through sand
Figure 8 shows a view of the apparatus with the ability to apply slip fault with 90 degree fault angle. This
apparatus consists of three general parts as shown in Figure 9. The main body is a container that is part of
the purchased equipment of the centrifuge and forms the first part of the fault simulator. This container has
a transparent wall that is made of special glass with a thickness of 5 cm. This transparent wall allows changes
in the soil to be observed due to faulting. The second part is the inner walls of the fault. These walls were
made separately and designed so that they could be placed inside the container and moved vertically. The
third part is the apparatus displacement system, which consists of an electric motor mounted on top of the
apparatus. This electric motor is connected to the center of one of the fault application parts with a metal
shaft, allowing it to be moved up or down, thus applying the fault. Useful dimensions of the reservoir for
soil modeling are 55 cm long, 40 cm wide and 28 cm high.

Figure 8. Test apparatus
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Figure 9. Test apparatus: right) view of the inner wall to apply faulting; left) electric motor for fault
application with 90 degree angle
The sand used in the present study was the well known Firoozkooh sand (No.161), which is commercially
available from the Firoozkooh mine in north east of Tehran. It has a uniformly graded (SP) size distribution
as well as a mean grain size (D50) of 0.25 mm. The sand layer had a length, width 55, 40 cm, respectively
and two thicknesses such as 20, 10 cm for two proof test was tested at 40g and 80g acceleration respectively.
The pluviation technique with a pre-defined height and velocity of a designed hopper was used to fill the
box with similar relative density of two tests.
After the model preparation, the electric motor mounted on top of the model. The model was placed in the
centrifuge and connecting the relevant cables and preparing the rotate the centrifuge as shown in Figure 10.
As centrifuge reaches the desired acceleration level finally it has been applied reverse vertical fault.
In the first experiment, a layer of dry sand soil with a thickness of 8 m in fact (20 cm in small scale model)
was tested at 40g acceleration under vertical fault (90 ° angle) and also a thickness of 8 m in fact (10 cm in
small scale model) was tested at 80g acceleration in the second experiment. By taking pictures of how the
fault propagates in the model, the test results were investigated. With the fault action at the base in the left
half of the model, the first fault is formed in reverse and reaches the right of the model. Finally, the formation
and arrival of the final fault to the left of the model can be seen.
As can be seen in Figures 11, 12 - the images at the end of the experiment – the position of the initial and
final faults to the surface (WI and WF parameters in Figure 7) has been measured. By increasing the
acceleration to about twice in the second experiment (80 g) and decreasing the soil height to about half
relative to first experiment, we tried to simulate the same real soil layer at different accelerations. The change
of dimensions of the laboratory model and the change of acceleration during the experiment were studied
as a single phenomenon, so it is expected that their results (after scaling the dimensions) match each other
with relatively high accuracy. The tests results were confirmed.
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Figure 10. Centrifuge device of the International Institute of Seismology and Earthquake Engineering
(left) and model for applying surface faulting in the centrifuge chamber (right)

Figure 11. Fault propagation trend in first experiment under 40g acceleration

Figure 12. Fault propagation trend in second experiment under 80g acceleration
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Figure 13 also shows how the earth's surface deforms in these experiments as can be seen for second
experiments.

Figure 13: Fault outcrop and ground deformation in second experiment
CONCLUSIONS
International Institute of Earthquake Engineering and Seismology (IIEES) was purchased a geotechnical
centrifuge C67-2 model type from Actidyn Company. this centrifuge machine was not installed by its
manufacture and have been started to being installed and run by the purchaser’s professionals for the first
time. Results of a series of proof tests- centrifugal modeling of surface fault rupture propagation through
sand- for verifying its performance by using of modeling of model tests to validate in this regard.
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geotechnical research center at City, University of London. Wang et al. (2012) and Stringer et al.
(2014) among others have both produced new transducers in response to the halt in production of
the Druck PCDR81. The use of a cheap mass-produced pressure sensor by TE connectivity was
deemed as a potential alternative pore pressure transducer (with the design of a suitable casing)that
could be used to create a low-cost submersible pore pressure transducer for centrifuge modelling.
This TE connectivity sensor has previously been used in centrifuge model testing as a wall mounted
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pressure sensor at the University of Western Australia (e.g., Fiumana et al., 2018).
Already proven its ability to work inflight under increased g-levels this paper details of the design
of the PPT casing, the deairing and installation procedure to turn a pressure sensor into a submersible
pore pressure transducer that can be used in centrifuge modelling.
TE CONNECTIVITY MINIATURE SMD PRESSOR SENSOR
The University of Western Australia have successfully used the TE connectivity pressure sensors
in centrifuge modelling as surface mounted pressure sensors on buried structures (Fiumana et al.,
2018). The TE connectivity pressure sensors are mass produced pressure sensor primarily used in
divers’ watches, pneumatic braking systems, and high accuracy electronic scales. TE connectivity
manufacture 4 different pressure sensors to cover three absolute pressure ranges of 0 to 1,7 and 12
bar and in either high sensitivity or high linearity versions. The sensors available to purchase are
shown in Table 1 (from TE connectivity data sheet). Irrespective of the sensor model the size and
the construction of the sensors remains the same. Figure 1 also taken from the TE connectivity
data sheet shows the dimensions of the pressure sensors. Importantly for the use of the pressure
sensors as a submersible pore-water pressure transducer (PPT) the sensing element is housed in an
anticorrosive and antimagnetic containing ring that is filled with silicone gel that allows for direct
contact with water. The manufactures note that although the front of the senor is waterproof it is
imperative that the back of the sensor is sealed to prevent water from getting to the contact pads on
the back of the transducer as this will permanently damage the sensor. The most suitable sensor to
be used as a pore-water pressure transducer in centrifuge modelling at City, University of London,
with the design of a suitable casing and filter, is the MS5407-AM, a 7-bar high sensitivity transducer.
The electrical properties of this transducer are shown in Table 2.
DESIGN OF THE CITY, UNIVERSITY OF LONDON PORE WATER PRESSURE
TRANSDUCER
The design of the pore-pressure transducer casing is inspired by the Druck PDCR81 with several
similarities between the designs. Figure 2 shows the design of the City, University of London pore
water pressure transducer. The design of the casing ensured that the overall size was as small as
possible however, this was largely dictated by the size of the pressure sensor itself. The Druck
PDCR81 has an overall length of 19mm and a diameter of 6.4mm. The City, University of London
PPT has an overall length of 18mm and a diameter of 9.5mm; a potential limitation in the use of the
TE sensitivity pressure sensors. The City, University of London PPT shell is manufactured from
stainless steel rod on a CNC lathe. The two sections of the PPT casing are joined together using an
adhesive potting compound, this provides a robust adhered joint but also prevents water penetration
into the contact pads of the transducer through the cable exit port. Water is prevented from
penetrating beyond the diaphragm by the use of an O ring which is placed between the containing
ring of the transducer itself and the fabricated PPT casing. The porous stone is made from Celleton
V1; a silica-based ceramic with a 1micron pore size and an air entry value of 2 bar.It is supported
by the containing ring and is secured in place using a very small amount of epoxy resin around the
perimeter of the stone. These stones are the same size and thickness as the porous stones used in the
Druck PDCR81 transducers. Manufacturing new stones proved difficult owing to the practical
problem of the tendency of the material to fracture when machined. Special precautions when
machining the material were necessary because of the health implications relatedto generation of
silica dust. In view of this, the new filters were manufactured by a specialist ceramic supplier
(Precision Ceramics) who were able to grind the new porous stones to anaccuracy of ±0.1mm.
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Table 1. TE connectivity pressure sensor models available
High sensitivity versions
High linearity versions
Carrier Full scale pressure Product code Full span cycle Linearity Product code Full span cycle Linearity
1 Bar
MS5401-AM
240 mV
±0.20 % MS5401-BM
150 mV
±0.05 %
FS
FS
7 Bar
MS5407-AM
392 mV
±0.20 %
Ceramic
FS
12 Bar
MS5412-BM
150 mV
±0.05 %
FS

Table 2. Electrical characteristics of the TE connectivity MS5407-AM selected for the City,
University of London pressure tansducer
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Figure 1. Drawing with dimensions of the TE connectivity pressure sensors

Figure 2. A cross section through the City, University of London Pore water pressure transducer
highlighting key features, note that the dimensions shown are in millimeters.
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At City, University of London centrifuge instrumentation is connected to the data acquisition system
using a LEMO connectors. Finding a low-cost four core cable to connect the LEMO connector and
PPT with a similar diameter to the Druck PDCR81 cable also proved to be challenging.
Manufacturers of suitable cables tended to require minimum orders of 1000m of cable with an
associated excessively high cost. A more economical solution was found by manufacturing a
homemade cable from 29swg strain gauge cable and heavy wall Teflon tubing with a 0.4mm wall
thickness and 1.75mm outer diameter (supplied by Adtech). The strain gauge cable was pulled
through the Teflon tubing to create a ‘low-cost’ small diameter four core cable. It was found to be
possible to stretch the Teflon tubing over the barbed detail of the boot of the PPT thereby preventing
water entry into the cable portion of the transducer. As a secondary measure a sterling silver jump
ring was secured over the Teflon tube and the tail of the PPT and this was then coveredwith a heat
shrink tubing to ensure a seal around the boot of the PPT. Figure 3 is a photograph of a City,
University of London PPT next to a Druck PDCR81 for comparison of size.

Figure 3. Shows a side-by-side photograph comparison of the Druck PDCR81 and the City,
University of London PPT.
At City, University of London it has been common practice to install pore pressure transducers into
a clay centrifuge model after it has been consolidated and subsequently swelled to its final effective
stress in the hydraulic press. A similar system to that used previously has been adopted for the new
transducers. Ports were machined into the centrifuge strongbox walls at appropriate locations at
positions appropriate to the particular application. These ports are plugged during the consolidation
period and prior to the installation of the pore pressure transducers. When installing the pore pressure
transducers the plugs are removed and a guide is installed into the ports, a thin- walled seamless
stainless-steel cutter is then used to create a horizontal bore through the strongboxwall to the midpoint of the soil sample. Using a ‘slurry gun’ a small amount of speswhite kaolin clay slurry at a
water content of twice the liquid limit is placed at the end of the bore. A de-aired PPT is then placed
into end of the bore and the void behind the PPT is filled with clay slurry using the slurry gun. Once
full of slurry the port is sealed; this is achieved by using a standard Swagelok plumbing fitting on
the PPT cable as seen in Figure 4. The seal is created by using a rubber tube which is compressed by
a washer when the plumbing fitting is tightened over the cable. Once the pore pressure transducers
are installed and sealed the soil sample is left to consolidate for a further 48 hours in the hydraulic
press. This system has been found to provide a reliable seal with the strongbox and is essentially the
same system that is used whilst deairing and calibrating pore pressure transducers.
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Figure 4. Shows a photograph of the of the Swagelok sealing system assembled and connected to
the strongbox (left) and the components of the sealing system (right).
PERFORMANCE OF THE CITY, UNIVERSITY OF LONDON PORE WATER
PRESSURE TRANSDUCER
Testing pressure transducers without porous stones at 1G
Prior to the manufacture of multiple pore pressure transducers and the placing of the porous stones
the performance and the stability of the TE connectivity pressure transducers were assessed.
These tests where carried out using an air compressor, an air-water interface, and a pressure cell
such that the pore pressure transducers were held under a constant water pressure of 400kPa for a
period of 5 working days. The water pressure in the test cell was measured and recorded using the
centrifuge data logging system connected to the pore pressure transducers and a Druck digital
pressure indicator used for calibrating pressure transducers. Over this period the maximumvariation
in water pressure recorded in the pore pressure transducers was less than 3kPa and the same variation
in water pressure was also recorded by the Druck digital pressure indicator. The average water
pressure readings over the 5 day period varied less than 0.5kPa between the pore pressure transducers
and the digital pressure indicator. These tests highlighted that these pressure sensors have very little
noise or drift when subjected to a constant pressure.
Saturation of porous stones
When used as a pore water pressure transducer instead of a water pressure transducer there needs
to be a porous filter to prevent clay from damaging the sensor. Essential to getting a good response
in the pore pressure transducers is to fully de-air and saturate the porous stones. A two-chamber
system was developed to de-air, saturate and calibrate 8 pore pressure transducers at a time. The deairing and calibration equipment is shown in Figure 5. In the left chamber the pore pressure
transducers are installed and sealed using the Swagelok fittings and subjected to a vacuum to fully
de-air; once de-aired the valve is closed to maintain the vacuum. Distilled water is placed into the
right hand chamber and subjected to a vacuum and deaired, once de-aired the right hand chamber
is closed keeping this chamber under a vacuum. The connecting valve between the chambers is
then opened to flood the pore pressure transducer chamber with distilled de-aired water. The vacuum
in the left hand chamber is then released so that the distilled de aired water saturates the porous
stones. As a secondary check the pore pressure transducers are again subjected to a vacuum to
determine if any air remains in the porous stones. In all tests, there was been no visible air bubbles
removed from the pore pressure transducers; indicating that the system is suitable for de airing and
saturating the porous stones. Once de-aired the pore pressure transducers were calibrated in the left
hand chamber using the Bishop ram where the water pressure is recorded by both the pore pressure
transducers and the Druck digital pressure indicator. The calibration of the pore pressure transducers
with and without the porous stones was found to be very similar; indicating that the de-airing system
is effective and that the pore pressure transducers are fit for purpose. When subjecting the PPT to a
rapid increase in pressure the response of the PPT and the Druck DPI was instant. There was no
measurable lag between the PPTs and the DPI when taking areading every second again satisfying
that the stones were fully saturated and they are fit for use asa PPT in a centrifuge experiment.
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valve
Left chamber
with vacuum
fitting

Right chamber
with vacuum
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applying
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Figure 5. A photograph of the deairing and calibration apparatus developed.
Testing the City, University of London PPT’s inflight
A demonstration centrifuge test was conducted to determine the performance of the City, University
of London pore pressure transducer in-flight using a Speswhite kaolin clay model. Thiswas prepared
by mixing Speswhite kaolin powder supplied by Imerys Ltd with distilled water to a water content
of twice the liquid limit (120%). This model was consolidated to a maximum stress of 500kPa and
swelled to stress of 250kPa. Eleven pore pressure transducers were installed at a various horizons in
the manner described above. The Speswhite kaolin model containing pore pressure transducers was
placed on to the centrifuge swing and a ground water regime was imposed using a standpipe
connected into the base drain of the centrifuge strongbox. The height ofthe water table was set to
10mm below the ground surface level. The centrifuge was then accelerated to 100g for 2 working
days (44 hours of increased g level). The response of the pore pressure transducers were recorded
every second during the centrifuge acceleration procedure and then every 5 minutes for the next 44
hours. The response of one of the instruments to the acceleration of the centrifuge can be seen in
Figure 6 whilst the final ground water profile at the end of the 44-hour centrifuge test is shown in
Figure 7.
Figure 6 shows the trend of one of the pore pressure transducers over time, all pore pressure
transducers showed the same trend and only is shown for clarity. Initially after removing the sample
from the press the soil is in suction and this is recorder by all the transducers the recorded pore
pressure varied between -95kPa and -45kPa. During the acceleration of and the running of the
centrifuge the pore pressure transducers recorded an initial rapid increase in pore water pressure and
over time the rate of increase of pore pressure reduces until the centrifuge model reaches equilibrium
with the standpipe water supply. Across all transducers there was a delay in response of the pore
pressure transducers. This could be due to two main reasons; firstly, the sensors aresold with a
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working range of 0-7bar absolute pressure, the soil theoretically should, prior to spinup on the
centrifuge, be under a suction 250kPa. This means that the transducer may have been out of range
and could not record the changes in pore water pressure during this time. Secondly there may have
been cavitation in the pore pressure transducers. Although every effort is made to deair and saturate
the porous filters it is not possible to say all the air is removed and secondly the speswhite model is
made with distilled water which has not been de-aired both of which could leadto cavitation. If
cavitation occurred, when the pore pressure was smaller than -95 kPa only the vapour pressure was
being measured until the pore pressure increased above -95 kPa. This is a potential limitation of the
device however, a Druck PDCR81 transducer would suffer the same limitation.
The measured ground water profile determined from the array of PPTs at different horizons at the
end of the demonstration test was very close to the theoretical ground water profile as seen in Figure
7. Towards the bottom of the model the measured and theoretical values of pore water pressures are
essentially the same. Towards the top of the sample the measured pore-water pressure is slightly
less than the theoretical values meaning the gradient of the ground water profile was less than
hydrostatic as can be seen from the equation of the line of best fit. This can be explained as the
sample had not reached equilibrium yet and that if the centrifuge model was left for longer on the
centrifuge the PPT’s would read closer to the theoretical values of pore-water pressure.
Nevertheless, the results obtained from the demonstration experiment was very promising and
highlighted that it is possible to create a low-cost submersible PPT using a TE connectivity pressure
sensor that can measure the pore water response to inflight consolidation.
CONCLUSIONS
These tests show that the City, University of London PPTs can:
•
•
•
•
•

Be produced using mass produced ‘low-cost’ components
Provide stable and reliable measurements of pore water pressures
Potentially measure negative pore water pressures smaller than 90 kPa
Be used to monitor the changes in pore water pressure during consolidation and swellingof a
centrifuge model inflight
Observe the imposed ground water regime of a centrifuge model

To date a total of 15 PPT’s have been produced in a couple of weeks with the components of each
transducer, cables and connectors costing less than £100 each (not inclusive of machining and
assembly time). To buy 15 pore pressure transducers it would cost in the region of £25,000. This
PPT solution can save a considerable amount of money and has the added benefit of inherent
flexibility when designing centrifuge tests. Buying the sensor independently allows for porepressure
transducers to be incorporated into geotechnical structures as in the University of WesternAustralia
(e.g., Fiumana et al., 2018) and to be buried as submersible PPT’s to suit the specific geotechnical
problem. The only limitation so far in comparison to the Druck PDCR81 is the increased size of the
PPT body and the potential influence this has on the geotechnical problem.
To date the most used City, University of London PPT has been pressured for approximately 450
hours. Over this time there is no visible signs of deterioration of the PPT and from the results
obtained there is no change in PPT output stability or sensitivity. However there has not been
sufficient testing time to fully assess the long-term performance and reliability of the City,
University of London PPT. With the testing schedule planned over the next year at the multi-scale
geotechnical research Centre at City, University of London there will be the opportunity to assess
the long-term performance of the new PPTs, and their response to a variety of different geotechnical
construction events.
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Figure 6. Response of a City, University of London PPT to the acceleration of the centrifuge

Figure 7. Ground water profile recorded by PPT after 44 hours of inflight consolidation
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trajectory and pipe deformation measurements made post-testing. Collectively the data were used to
evaluate the performance of various berm geometries in providing protection against anchor dragging
and reduced the level of uncertainty with several preferred berm geometries, allowing these to be
adopted in the design of an offshore gas pipeline project.
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INTRODUCTION
Rock is placed around and above subsea pipelines for various reasons, including to provide
protection against external impacts, stability under environmental loads and restraint against global
buckling and axial displacements. Near ports and busy shipping lanes, protecting against external
impacts is particularly important, where pipelines may be exposed to interactions with anchors and
anchor chains. Such interactions could be through direct overhead impact (i.e. a freefalling anchor
during emergency anchoring) or more commonly with the anchor being dragged through the seabed
in response to vessel drift. In the latter scenario, the chain could snag on the pipeline or the anchor
could engage (hook onto) the pipeline, ultimately leading to pipeline damage. To manage these risks
and ensure the structural integrity of subsea infrastructure, pipelines in these high traffic areas are
often trenched into the seabed and covered with rock armour.
This paper describes a centrifuge test program devised to contribute to the design of protection
measures for an offshore buried pipeline in a clay seabed against potential interactions with different
sized US Navy Stockless drag anchors. The tests involved dragging pre-embedded anchors and
chains through the seabed to assess the effectiveness of specified trench and rock berm
configurations protecting a 0.93 m outer diameter pipeline. The effectiveness of the rock protection
was assessed through a combination of in-flight measurements of the anchor drag resistance and
loads that developed in the pipeline as the anchor was pulled towards the pipeline, and measurements
of the anchor trajectory and model pipeline integrity made post-testing. All physical modelling was
performed in the 10 m diameter centrifuge at the National Geotechnical Centrifuge Facility at the
University of Western Australia (Gaudin et al. 2018) at an acceleration of 75g, i.e. prototype
dimensions are scaled down by 75, loads by 752 and masses by 753.
EXPERIMENTAL MODEL
Anchors and chains
Four US Navy stockless anchor sizes ranging in mass from 5 t to 27.2 t were modelled based on
dimensions given by Shoellhorn-Albrecht (2019) as summarised in Table 1. The scaled model
anchors were 3D printed in stainless steel, pre-set to a fully open position (shank at 45° to the flukes)
and fitted with a chain and trailing line as shown in Figure 1.
Table 1. Stockless anchor key dimensions
Anchor size (t)
Fluke length (m)
Maximum width (m)
Chain bearing diameter (mm)

5
2.06
2.04
112.5

7.25
2.33
2.31
150.0

11.25
2.70
2.68
187.5

27.21
3.60
3.59
281.2

Each of the four model chains was manufactured by plaiting four strands of either 0.5, 0.6, 0.8, 1.0
or 1.6 mm diameter (7×72) stainless steel wire to simulate the sinusoidal profile of a typical studlink anchor chain. The sinusoidal profile generated by plaiting four cable strands has been proven to
model accurately – both in terms of behaviour and bearing capacity – a stud-link anchor chain
(Neubecker, 1995), and is the modelling approach adopted in numerous other academic and industry
1

A 27.2 t size anchor is not listed by Shoellhorn-Albrecht (2019) and dimensions were extrapolated from the smaller anchors
7×7 indicates a collection of 49 individual wires which are grouped as 7 substrands of 7 wires each – twisted together to
form a single strand
2
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projects conducted at UWA (e.g. Gaudin et al. 2007 and 2009). The resulting prototype scale chain
bearing diameters are given in Table 1.
(b)

(a)

Trailing line attachment
Chain attachment point
Shank fixed at 45° to flukes

Figure 1. Model US Navy Stockless drag anchors (a) various sizes (b) drag setup
Pipes and instrumentation
The infrastructure of interest was a steel pipeline 762 mm outer diameter, but with an overall
diameter of 930.4 mm including a 3-layer polyethylene and concrete weight coating. Model pipeline
sections were fabricated from a hollow aluminium tube with a wall thickness selected to ensure
similitude in the flexural rigidity of the model and prototype. At the testing acceleration of 75g, this
resulted in a model pipeline section with an outer diameter of 12.4 mm and an inner diameter of 10.7
mm. The model pipeline sections were 124 mm long, equivalent to 10 diameters. As a real pipeline
is continuous, the ends of the section of model pipeline were restrained, as depicted in Figure 2
inside a loading frame.
Load orientation for calibration

Plate 4
Plate 2
Plate 3

Pipeline
Plate 1

Individual plate load cell

Figure 2. Model pipeline and load frame

Loads transferred to the pipeline were detected by four plate load cells assembled with the pipe into
a V-shaped frame, as shown in Figure 2. The resultant horizontal and vertical forces acting on the
pipe, FV and FH, can be estimated based on the geometric relationship:
F
sin (θ/2)
� FVH� = �
0

F1
0
−1
1 1 −1 �F�2
�
�
cos (θ/2)
1 1 1 1 F�
3

(1)

F4
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where θ = 60° is the intersection angle of the frame and F1, F2, F3 and F4 are compressive or tensile
forces experienced by the plate load cells respectively, with tension in the positive direction. As the
load cells were subjected to locked-in loads during assembly of the frame, the entire frame was
calibrated after assembly by applying forces on the centre of the model pipeline section in different
directions, rather than relying on individual calibrations of each plate load cell.
Seabed samples
Normally consolidated UWA kaolin clay was used to model the seabed. Geotechnical properties of
UWA kaolin clay are well reported in the literature (e.g. Cocjin et al. 2014 and Colreavy et al. 2016)
and are summarised here in Table 2. The experiments were conducted across two samples, each
prepared by consolidating kaolin slurry (at twice the liquid limit) under self-weight in the centrifuge
at the testing acceleration of 75g for approximately one week. Each sample was characterised by Tbar penetrometer tests conducted before, during and after the anchor tests to quantify any temporal
changes in soil strength over the course of testing. Each T-bar test involved a penetration and
extraction velocity, v = 1 mm/s, such that the dimensionless group, vd/cv > 10 (where d is the T-bar
diameter (5 mm) and cv is the average vertical coefficient of consolidation, taken as 0.05 mm2/s),
sufficient for the response to be considered undrained (House et al. 2001). A cyclic remoulding
phase, where the T-bar was cycled by ±2d (i.e. ±10 mm) over 10 cycles, was conducted at a depth,
z = 80 mm on the extraction phase of the test, to ensure that the initial penetration resistance was
unaffected by the cyclic remoulding. Undrained shear strength profiles, inferred from the penetration
resistance using the commonly adopted T-bar factor of 10.5 (Martin and Randolph, 2006), are
provided in Figure 3. As expected for a normally consolidated clay, strength increases linearly with
depth, such that the undrained shear strength can be approximated as su = 0.9 kPa/m and su = 0.85
kPa/m for the two samples, which is typical for normally consolidated UWA kaolin. A soil
sensitivity, St = 2.5, was inferred from the cyclic remoulding stages of the T-bar tests, which again
is typical for UWA kaolin.
0

Undrained shear strength, su (kPa)
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2
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5

10

0
1
Prototype depth, z (m)
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Figure 3. T-bar test results for (a) Sample A and (b) Sample B
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Trenches and rock berms
Blue Metal (crushed rock) of granitoid origin, sourced from the Hanson Byford quarry in Western
Australia was used to model the prototype rock. The material exhibits an angularity typical of the
rock used to protect offshore pipelines and may be described as: sub-angular to angular with minor
platy inclusions, dark blue to grey and trace white (Figure 4a). The particles have a sphericity and
roundness of around 0.4 – 0.6 and 0.1 – 0.3 respectively using the Krumbein and Sloss (1963)
modified particle shape descriptors. Additional properties of the blue metal are summarised in Table
3.
The blue metal was sieved in accordance with Australian Standards (AS1289.3.6.1) and portions of
various sizes (by mass) were blended to target specified particle size distribution curves. Typically,
the blends had a mean particle size of around d50 = 5 mm, modelling a prototype rock with d50 = 350
mm. A range of berm configurations were tested, with rock cover of 2 to 3 m and varying trench
widths and side slopes. A typical configuration is shown on Figure 4b.
Pipeline
centreline

2m

2.93 m

Seabed/mudline
Rock berm
D50 = 330 ~ 380 mm
0.93 m OD pipe
2m

Figure 4. (a) Sample of blue metal (b) example of trench/berm configuration
Table 2. Properties of UWA kaolin clay
Property

Liquid limit, LL (%)
Plastic limit, PL (%)
Specific gravity, Gs
Plasticity index, Ip (%)
Poisson’s ratio, ν
Critical state friction constant, M
Slope of normal compression line, λ
Slope of swelling line, ᴋ

Value
61
27
2.6
34
0.30
0.92
0.205
0.044

Table 3. Berm gravel properties
Parameter
Bulk dry density (t/m3)
Bulk dry unit weight (kN/m3)
Porosity (-)
Void ratio (-)
Angle of repose (°)

Value
1.45
14.16
0.48
0.93
39.6

EXPERIMENTAL PROCEDURES
Each drag test first involved excavating a specified trench geometry (with the centrifuge stopped) in
the model seabed. This was completed using a custom-fabricated cutting tool with a geometry
matching the required berm geometry. The pipe and loading frame were then positioned inside the
trench before backfilling with the model rock.
With the appropriate size of mooring chain attached to the anchor padeye, the anchor was installed
600 mm away from the pipe to a specified embedment depth. The anchor chain was fed through a
series of pulleys as shown in Figure 5 and fixed to an axial load cell (which measured the drag
resistance) located on the vertical axis of the actuator used to generate the anchor drag. Anchor chain
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movement was determined from the encoder measurements on the motor of the actuator’s vertical
axis.
Pulley #3 raised by actuator
Load cell for
drag resistance
Pulley #1
Load frame
location

Pulley #2
Mudline

600 mm to pipe
Drag anchor (pre-installed to specified depth)
Pipe, load frame and berm installed

Figure 5. Drag test arrangement (not to scale)
The actuator velocity during dragging was 0.125 mm/s, such that the anchor chain displaced at a
velocity, v = 0.25 mm/s considering the 2:1 pulley system. This rate was selected to target undrained
conditions (as also expected in situ) by ensuring that vd/cv > 10 (as adopted for the T-bar tests),
where d (in this instance) is the effective anchor diameter (i.e. the diameter of a circle with the same
projected area as the anchor).
In addition to the trailing line located on the anchors (see Figure 1b), a dye (potassium permanganate
flakes) was glued to the underside of the anchor flukes and on the shoulder faces either side of the
anchor crown (as shown on Figure 6) to aid detection of the anchor trajectory. As shown on Figure
6, the anchor was fixed in its fully open position during installation, with its flukes set and
maintained in a horizontal orientation using an actuator and 3D printed mould.
Anchor installation with
actuator and mould

Potassium permanganate
glued to flukes…
Trailing line
… and either side of crown

Figure 6. Preparation for anchor installation
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SELECTED EXPERIMENTAL RESULTS
Drag resistance
Anchor and chain resistance during two drag tests is given in Figure 7 (for a 11.25 t and a 27.2 t
anchor). Measured resistances are normalised by the anchor dry weight to give an ‘anchor
efficiency’. The anchor chain displacement provides an indication of the anchor location relative to
the pipeline, but includes the displacement associated with formation of the inverse catenary in the
soil, and any vertical movement of the anchor within the soil column. Although the drag resistance
is not key to understanding the performance of trench/berms in protecting the pipeline, the data help
verify the validity of the modelling. For all anchor sizes considered (5 t to 27.2 t), efficiencies were
in the range 5 to 8 while the anchor is dragged horizontally through the clay seabed.
12

Anchor efficiency (-)

27.2 t anchor/pipe interaction
(test stopped upon 'efficiency' > 20)

11.25 t anchor
27.2 t anchor

10

Spikes correspond to chain crimps
passing over pulley

8

Final sharp
increase
as anchor
contacts berm

6
11.25 t drag
resistance decreasing

4
Early uptake of
chain slack and
inverse catenary

2
0
0

10

Approximate
pipe location

Anchor direction
20

30
40
Anchor chain displacement (m)

50

60

Figure 7. Drag resistance examples
The 11.25 t profile in Figure 7 is typical of a ‘pass’ result for the candidate berm geometry, as the
berm sufficiently altered the anchor trajectory such that the anchor passes safely over the pipe. The
resistance profile is characterised by a steep increase over a chain displacement of up to 10 m where
there is an early uptake of slack and inverse catenary. A more gradual increase and stabilising of
drag resistance follows until around 25 to 30 m, beyond which a steady reduction of resistance
ensues. These observations correspond to anchor trajectories (discussed later) which show either:
(a) an initial gradual increase in embedment before becoming horizontal and then rising as the anchor
approaches the berm, or (b) remaining reasonably horizontal before rising as the anchor approaches
the berm. A final sharp increase in drag resistance is observed as the anchor breaks through a shallow
portion of the rock berm. The 27.2 t profile in Figure 7 is typical of a ‘no pass’ result. Here, the
candidate berm did not sufficiently alter the anchor trajectory to the extent that the anchor engaged
directly on the pipe. This is implied by the spike in drag resistance (developed to an efficiency > 20)
and was verified when the test site was excavated to reveal the anchor had indeed hooked onto the
pipe.
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Pipeline loading
In addition to the anchor trajectory relative to the pipeline location, a further criterion for a ‘pass’
result was an upper load limit transferred through the rock berm to the pipe (to preserve its structural
integrity). Vertical and horizontal load components developed on the pipe section during dragging
are shown on Figure 8 (same tests as on Figure 7).
Loads are relatively small during the early uptake of chain slack. Beyond this and to around 40 m
anchor chain displacement, the horizontal load component climbs gradually as the chain/berm
interaction becomes more significant (consistent with the direction of anchor travel) with the chain
‘digging in’ somewhat to the berm’s front edge. Here, the rock protects the pipe from direct chain
contact. Immediately following this, a steep rise is observed as the anchor itself encounters the berm,
transferring more load through the rock and onto the pipe. For the 11.25 t ‘pass’ result on Figure 8,
this rise is followed by a sharp drop-off as the anchor surfaces above the pipe and passes safely
overhead. This is not the case for the 27.2 t test shown where the anchor engages the pipe and the
loads spike towards the 2 kN measurement ranges of the plate load cells. The vertical loads rise
sharply as the anchor approaches and contacts the berm, consistent with an overall upwards vertical
force exerted on the pipeline. In most cases for the 5 t to 27.2 t anchors investigated, the peak vertical
load on the pipeline was greater than the peak horizontal load, by a factor that varied between ~2
and ~6.
11.25 t
27.2 t

Horizontal loads on pipe (kN)

800

1000
Anchor
engaging

Anchor direction

600
400

Significant load
developing on pipe

200
0

11.25 t
27.2 t

800
Vertical loads on pipe (kN)

1000

Anchor
engaging

Anchor direction
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400

Peak uplift >
horizontal loads

200
0
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before safely surfacing

-200

-200
0

10
20
30
40
50
Anchor chain displacement (m)

60

0

10
20
30
40
50
Anchor chain displacement (m)

60

(a)
(b)
Figure 8. Loads on pipeline for various berm sizes and different anchor sizes: (a) horizontal loads,
(b) vertical loads
Overall, the absolute magnitude of the loads transferred to the pipeline, and also the magnitude of
the vertical load relative to the horizontal load, appear to be controlled by the rock berm geometry,
anchor size and anchor embedment depth at the start of dragging. Deformations of each model pipe
(different model used for each drag test) were measured before and after each drag test. The variation
along the pipe outer surface for all ‘pass’ results was typically within 20 microns (model scale) over
the full length, with no discernible differences between the before/after measurements, indicating
that the anchor dragging did not lead to measurable damage to the pipeline.
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Anchor trajectories
Anchor trajectories were examined at the end of testing in each sample by manually dissecting the
clay to expose traces left by both the trailing line and dye3. An example dissection is given on Figure
9 for an 11.25 t drag anchor test and the anchor trajectory shown here is typical of a ‘pass’ result.
There is an early gradual increase in embedment before the anchor becomes horizontal and then
rises as it approaches the berm. As the anchor approaches the berm, the higher resistance provided
by the rock causes the anchor chain to become more vertical and will provide more lateral resistance
to anchor dragging, such that the anchor movement becomes more vertical.

Sample surface

Dye indicating
initial embedment

Trailing line trajectory
Trench/berm
Drag direction
Distance from pipe centreline (m)

45

40
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30

25
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10
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0
0

Initial anchor
embedment ~4.3 m
Drag direction

Anchor exits through berm
but safely away from pipe

2
4

Anchor rising

Pipe at trench base
and covered by rock

6

Embedment (m)

50

8
Figure 9. Anchor drag trajectory example: (a) sample dissection, (b) plotted measurements
CONCLUDING REMARKS
Geotechnical centrifuge modelling continues to play an important role in offshore design,
particularly where there is uncertainty on the behavioural system response. This paper documents
an academia/industry collaboration, where centrifuge modelling was employed to identify the
performance of various candidate rock berm designs in protecting a pipeline from anchor dragging.
The outcome of this particular project was greater certainty on the performance of preferred berm
geometries, allowing these to be adopted in the design of an offshore gas pipeline project.

3

Due to extended periods of time spinning in the centrifuge, much of the potassium permanganate in the early tests diffused
(like on Figure 9) in the saturated sample before the opportunity to dissect and examine arose. For such cases, the trailing
line trajectory was relied upon for examining the anchor trajectory during dragging.
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7.
Pipe jacking construction will damage the surrounding soil and cause surface deformation, especially for
large-section, shallow-covered rectangular pipe jacking projects, and the resulting stratum deformation is
more difficult to control. This paper takes the large-section shallow soil rectangular pipe jacking project of
the Luxiang Road-Qilianshan Road Connection Project in Shanghai as the background, combined with the
actual surface deformation monitoring data on site, and carries out the indoor scale model test. Through the
establishment of a pipe-slurry-soil system and model test devices, this test shows that original anti-friction
mud, HS-3 composite anti-friction mud, and polyacrylamide composite anti-friction mud have different
behaviors on reducing the pipe-soil friction and forming a good mud screen support the pipe-soil gap, which
influence the deformation of the ground decisively. Meanwhile the test also considered the construction
parameters such as injecting ratio and jacking speed, and studied the influence of different construction
conditions on the surface deformation. The test results show that: Compared with the traditional anti-friction
mud, HS-3 composite anti-friction mud and polyacrylamide anti-friction mud are more effective in
controlling surface settlement and maximum stratum settlement can be reduced by 25%-30%. Meanwhile,
the effect of polyacrylamide composite mud is the best; which should be selected in combination with the
properties of the slurry and the parameters of soil.
Keywords
jacking

model test, pipe-slurry-soil system, mud screen, site monitoring, simultaneous injection, pipe

INTRODUCTION
Shallow-buried rectangular tunnels are mostly used in urban underpasses, underground pedestrian crossings,
or urban comprehensive pipe corridors due to their advantages such as easy to meet the design requirements
of ramps, small footprint, and high cross-sectional utilization. However, in the construction of shallowburied rectangular pipe jacking, the influence of pipe jacking on soil deformation is more likely to be
transmitted to the ground surface, inducing deformation of the ground surface and surface structures.
For the calculation and prediction of ground deformation caused by rectangular pipe jacking, there are
mainly monitoring empirical methods, theoretical derivations, numerical simulations, and model tests.
Among them, peck (1969) proposed an empirical formula based on measured data. With the continuous
improvement of later generations, a widely used method has gradually formed, but for different projects,
corresponding corrections are needed. Among them, Peck (1969) proposed an empirical formula based on
measured data. With the continuous improvement of later generations, a widely used method has gradually
formed, but for different projects, corresponding corrections are needed. Huang Hongwei & Huang Xin
(2003) used 3D numerical analysis methods to simulate the front thrust of the nose, stratum loss, grouting
and interaction, etc., in order to understand the environmental mechanical effects caused by pipe jacking
construction and provide a basis for taking measures to reduce this impact. Yu Jun & Gong Xiaonan
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2014 took the ground subsidence as the control target, optimized the construction parameters, and used
the numerical simulation method to simulate the magnitude of the ground subsidence by adjusting the
friction resistance of the pipe jacking, the pressure of the head, and the resistance of the soil. Hao Xiaohong
& Guo Jia (2017) analyzed the pipe jacking construction process based on field measured data and numerical
simulation methods, and believed that the vertical settlement of the soil was mainly concentrated in the
range of twice the diameter of the rectangular pipe jacking. Liu Bo et al (2017) established a threedimensional finite element calculation model before construction to simulate the entire construction process
and predict the tunnel and ground deformation that may be caused by the construction. Propose targeted
control measures based on the results of numerical simulations, and formulate a reasonable monitoring plan
to monitor the vertical displacement, horizontal displacement, radial convergence and surface uplift of the
tunnel respectively. Based on the Cambridge model, Wang Hemin et al (2019) established a finite element
analysis model for the construction of rectangular pipe jacking, and studied the changes in surface settlement
of typical vertical and cross sections within the impact range of pipe jacking during the process of pipe
jacking. The effect of pipe construction on the deformation of the ground surface is generally manifested as
settlement. Through the three-dimensional model test, Zhou et al (2008) simulated two test conditions of
simultaneous injecting and non-injecting. Authors believed that in order to achieve the best jacking distance
and effectively control the ground subsidence, more attention should be paid to the mud parameters. Li Bo
et al (2014) studied the interaction of parallel pipe jacking at close distances through laboratory
experiments. Authors believed that in the interval section where the thickness of the overlying soil is small
and the soil quality is poor, the slurry is injected from the lower part of the pipe and slow jacking speed can
reduce the friction to prevent soil splitting and ground slurry eruption.
This paper studies the influence of different types of slurry, injecting rate, jacking rate and other construction
parameters on the surface deformation during jacking process through scaled model tests, and provides a
certain meaningful significance for the optimization of construction parameters of similar projects in the
future and the control of surface deformation.
PROJECT OVERVIEW
The pipe jacking project of Shanghai Luxiang Road Qilianshan Road adopts rectangular pipe jacking
method. The single-line jacking length is 445m, the outer dimension of the pipe section is 9.90×8.15m,
which is shown in the Figure 1., and the overlying soil thickness is 3.35~7m. It belongs to the domestic
single jacking ultra-long distance, shallow Buried, large section rectangular pipe jacking project. The pipe
jacking mainly traverses three types of soil layers , T and , and the related parameters of the stratum
are shown in the Table 1.

Figure 1.Pipe jacking machine and internal pipe section
Table 1. Stratum geological parameters
Layer
1
1

Name
Miscellaneous fill
Gray-yellow clay

Thickness Weight
(m)
γ(kN/m³)
1.67
1.69

18.5

Cohesion
c(kPa)

Friction
angle
φ(°)

Compression
modulus
Es(MPa)

17.1

15.4

4.77
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T

Gray-yellow silty
clay
Gray clay
Gray silty clay

5.12

17.5

11.7

15.1

2.84

1.14
7.71

18.8
16.7

4.2
10.1

27.5
10.3

9.16
2.22

MODEL SOIL AND MODEL SLURRY
Preparation for model soil
The stratum referred to in the model test is the soft soil layer in Shanghai. According to the survey report,
the soil layer through which the pipe jacking crosses and the overlying soil layer are selected, and the 4
performance indicators of the prototype soil are obtained according to the weighted average of the thickness.
After a lot of trials, it was finally decided to choose barite powder, calcium carbonate, bentonite, undisturbed
soil, washing powder, fine sand, and water. According to a certain ratio, the mixture is evenly stirred and
filled into the model box in layers, and after pressure treatment, artificial model soil with stable performance
is obtained. The 4 performance indicators of prototype soil and model soil are shown in Table 2. Since
absolute similarity is impossible, as long as the main similarity relationship can be satisfied, the model soil
and the undisturbed soil can be considered to be similar.
Table 2. Soil mechanical parameters and similarity ratio
Type of soil

Weight
( kN/m3)

Ratio

prototype soil
model soil

17.2
17.9

0.96

Friction
Cohesion
angle Ratio
(kPa)
(°)
15
11
0.95
15.8
10.7

Ratio
1.03

Compression
modulus
(MPa)
2.9
0.3

Ratio
9.7

Preparation for model slurry
The model slurry is mainly aimed at the bentonite antifriction slurry commonly used in pipe jacking tunnels.
The raw materials used to prepare the model slurry are exactly the same as the prototype slurry. Slurry 1
contains bentonite, cmc, soda ash and water; Slurry 2 contains bentonite, polyacrylamide, HS-3 and water;
Slurry 3 contains bentonite, cmc, soda ash, HS-3 and water. After comprehensive comparison, three
indicators of filtration rate, thixotropy, and dynamic shear force are selected as the reference quantities to
describe the characteristics of the slurry. The performance indexes of the prototype slurry are measured on
site. After a lot of attempts, a model slurry that approximately meets the requirements is obtained.

Type of slurry
prototype slurry 1
model slurry 1
prototype slurry 2
model slurry 2
prototype slurry 3
model slurry 3

Table 3. slurry mechanical parameters and similarity ratio
Dynamic
Filtration rate
Thixotropy
Ratio
Ratio
shear force
(1)
(pa)
(pa)
0.044
12.3
4
1.07
9.5
0.041
1.3
0.38
0.027
42.4
9.7
0.68
11.5
0.040
3.7
0.92
0.025
52.1
12.6
0.86
10.2
0.029
5.1
1.1

Ratio
10.5
10.5
11.5

MODEL TEST PLATFOM AND CONDITIONS
The model soil is filled into the model box in layers and then compacted, and then the front pipe section is
placed in the model box, and then the soil is continued to fill. After reaching the corresponding buried depth,
the stacking pressure treatment is carried out. The stacking time is judged by the earth pressure gauge
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on the front pipe. Then the front and back pipe sections are sealed and connected, and the pipe section and
the box are sealed. After checking the correctness of the system equipment, the test can be carried out
according to the original design conditions, which is shown in Table 4. And the whole test system is shown
in Figure 2.

Figure 2. Overall layout of the test system

Table 4.Different conditions of the test
Condition

Type of slurry

depth(cm)

Jacking speed(mm/s)

Injecting raito

condition1
condition 2
condition 3
condition 4
condition 5

model slurry1
model slurry 2
model slurry 3
model slurry 2
model slurry 2

35
35
35
25
25

0.15
0.15
0.15
0.15
0.046

200%
200%
200%
300%
300%
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ANALYSIS OF RESULTS
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According to the pre-set working conditions, the model tests are carried out successively. Through the
surface deformation data, we can find that in the working condition 1, condition 2, and condition 3, the
deformation data of section 1 shows serious settlement. The reason should be the model soil is not filled
solid due to the edge of the model box, and the soil movement during the jacking process. Those reasons
make the settlement to be too serious.
For the data of other monitoring points, we can find that under the same conditions, the supportability of
slurry 2 and slurry 3 is better than that of slurry 1, and the maximum stratum settlement can be reduced by
25%-30%. Among them, the supportability of slurry 3 is even better than that of slurry 2, however the effect
is relatively not that significant.
Regardless of the condition 1, condition 2, and condition 3, the deformation of the formation shows a similar
trend. During the process of pipe jacking, stratum is first uplifted and then settled. The uplift and settlement
depend on the nature of the slurry and the injecting parameters. There is a relationship. In general, when a
good mud screen is formed, it can effectively reduce the friction and also effectively fill and support the gap
between the stratum and the segment.
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In urban areas, tunnel construction provides a viable solution for developing transport and utility
systems. However, tunneling inevitably causes ground movements, threatening nearby structures.
ALEC M. MARSHALL
This paper aims to investigate the effect of tunnel depth on tunnel-footing interaction using
Department of Civil Engineering, University of Nottingham, Nottingham NG7 2RD, UK.
geotechnical centrifuge testing. The experiments considered a two-story elastic framed building on
separate footings embedded in sandy ground and subjected to tunneling induced displacements.
Tunnel cover depth is varied with a cover to diameter (C/Dt) ratio of either 1.3 or 2.0. The
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INTRODUCTION
to tunneling relies on understanding of tunneling conditions, as well as the complex interaction
between the soil and affected structures (Boone (1996); Potts & Addenbrooke (1997); Son & Cording
In urban environments, the development of transport and utility systems often requires the
(2005); Maleki et al. (2011); Goh & Mair (2014); Elkayam & Klar (2019)).
construction of tunnels, which inevitably causes ground movements (Mair et al. (1993); Loganathan
& Poulos (1998); Marshall et al. (2012)), threatening the safety of nearby structures. Numerous field,
Tunnel cover depth is one of the factors that affect the structure response to tunnel construction
analytical and model studies have confirmed that an accurate predication of the response of structures
because a shallower tunnel generally results in a narrower settlement trough, greater settlements and
to tunneling relies on understanding of tunneling conditions, as well as the complex interaction
a larger curvature (Marshall et al. (2012)), causing a greater potential of deformation/damage to the
between the soil and affected structures (Boone (1996); Potts & Addenbrooke (1997); Son & Cording
structures. Therefore, increasing the excavation depth may be an option for the protection of surface
(2005); Maleki et al. (2011); Goh & Mair (2014); Elkayam & Klar (2019)).
structures from tunneling. However, the increase of tunnel depth also leads to a significant increase
of project costs. Also, for structures with low axial stiffness at the foundation level (for instance,
Tunnel cover depth is one of the factors that affect the structure response to tunnel construction
separate strip footings), the magnitude and distribution of soil horizontal displacements, which is
because a shallower tunnel generally results in a narrower settlement trough, greater settlements and
a larger curvature (Marshall et al. (2012)), causing a greater potential of deformation/damage to the
structures. Therefore, increasing the excavation depth may be an option for the protection of surface
structures from tunneling. However, the increase
of tunnel depth also leads to a significant increase
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of project costs. Also, for structures with low axial stiffness at the foundation level (for instance,
separate strip footings), the magnitude and distribution of soil horizontal displacements, which is
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affected by the tunnel cover depth, also determines the degree of the structural horizontal distortion
(Goh & Mair (2014)). Consequently, investigating how the tunnel cover depth affects the
displacements (both in vertical and horizontal directions) and distortion of structures to tunneling is
important for designers.
This paper presents a centrifuge study on the effect of tunnel depth on tunnel-footing interaction.
A model of a two-story elastic framed building on separate footings was tested, embedded in dry
fine-grained sand and subjected to tunneling induced displacements. Tunnel cover depth was varied
to achieve a cover-to-diameter ratio (C/Dt) of either 1.3 or 2.0. The displacement/distortion data of
the structures and soil are presented, and modification factors are used to explore the effect of tunnel
depth on building angular distortions and horizontal strains at the foundation level.
EXPERIMENTAL DETAILS
Experimental set-up and building model
In this paper, four tests including two greenfield tunneling tests and two tunnel-frame interaction
tests were performed on the University of Nottingham Centre for Geomechanics 4m diameter
geotechnical centrifuge with an elevated gravity level of 68g, as shown in Table 1; two tests, for the
shallower cover depth, were published by Xu et al. (2021a). A plane-strain tunneling set-up was
used including a flexible membrane model tunnel filled with water (diameter Dt = 90 mm,
corresponding to 6.1 m at prototype). A fine-grained dry silica sand, known as Leighton Buzzard
Fraction E, with minimum and maximum voids ratios of 0.65 and 1.01, was used (air-pluviated to
obtain a relative density Id of 90).
Table 1. Performed centrifuge tests (prototype scale).
Id
Dt
C/Dt
zt
df
Label
C
(%)
(m)
(m)
(m)
(m)
Greenfield
90
8.0
6.1
1.3
11.
0
Frame
90
8.0
6.1
1.3
11.
0.7
0
Greenfield
90
12.
6.1
2.0
15.
2
3
Frame
90
12.
6.1
2.0
15.
0.7
2
3
In the experiments, the construction of a tunnel was either in the greenfield condition, or centrally
beneath a framed building with separate footings. For the tunnel-frame interaction tests (illustrated
in Figure 1), the 12 mm (0.8 m at prototype) wide footings were embedded 10 mm (0.7 m at
prototype) deep into the soil. The 2-story, 460.4 mm (31.3 m at prototype) wide (B) framed building
model consists of six 76.2 mm (5.2 m at prototype) wide (bbay) bays, with a 38.1 mm (2.6 m at
prototype) high (hstory) single story.
The framed building model was made using 2 long plates, 7 T-bars, 7 short plates, and 42 square
bars, all bolted together. Square bars were used at the wall/slab nodes to achieve a fixed-fixed
connection (refer to Xu et al. (2021a)). Given that the Young’s modulus of aluminum and concrete
have a the same order of magnitude, the prototype cross-sectional stiffness of the model slabs and
walls replicates reinforced concrete structures in the elastic range. A thin layer of sand was bonded
to the underside of the building foundations to replicate a rough soil-foundation interface. The
front faces of the models were painted matt black and small circular insets were machined within a
grid on each face, which were then painted white (see Figure 2c). Displacements of both the soil and
structures were measured using particle image velocimetry (PIV). Two Dalsa Genie Nano- M4020
monochrome cameras, with 12.4-megapixel sensors and 8 mm Tamron lens, were used.
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B = 460.4 mm
bbay = 76.2 mm
hstory = 38.1 mm

Panel number

Dt = 90 mm

#1

Soil surface

#1

#2

#3

#3

#4
#4

#5

#5

#6

#6

#7

Footing number

bfoot

zt

zt

bbay

#2

C = 117 mm
zt = 162 mm

Dt

C = 180 mm
zt = 225 mm

Dt

(a) C/Dt =1.3

(b) C/Dt =2.0

Figure 1. Layout and configuration of the centrifuge tests (model scale).
Experimental procedure
The soil samples were prepared by pouring the sand in-line with the model tunnel, with the strongbox
placed with the front acrylic wall resting on the floor. For the embedded footing tests, as shown in
Figure 2a, the building model was placed inside the strongbox prior to sample preparation, and sand
was poured in-line with the longitudinal direction of the footings and tunnel (described in Xu et al.
(2021a)). To set the ground level above the footings, two temporary aluminum plates were placed
on each side of the building model, with acrylic plates placed inside each panel of the first story. For
each acrylic plate, the lateral support was applied by two threaded rods drilled through the building
floors, which were in-turn supported by a temporary wooden plate fixed to the strongbox. Thin
foam tape was attached in the gap between the temporary plates and strongbox/footings to prevent
sand leakage. After sand pouring, the back wall was attached and the strongbox was rotated to the
upright position, with temporary supports subsequently removed. To avoid interaction between
acrylic plates and the soil surface within building panels during tests, the plates were pulled up using
the threaded rods and hung from the top aluminum plates (see Figure 2c). Once raised, there was
a 2mm gap between the acrylic plates and thefooting walls, ensuring the acrylic plates did not
affect the horizontal displacements of the footings during tests (they contributed slightly to the
building weight).
After sand pouring

During sand pouring
Temporary wooden
plate

Fixed

Aluminum plates

Cup for
collecting sand

Bolts
Temporary
side plate

Model tunnel
protected by
paper sleeve

(a) Sand pouring

LEDs
Top aluminum plates

Acrylic plates

Foam tape
Soil surface
Model tunnel

Strong box

(b) Illustration of sand pouring process

Acrylic plate

(c) Model setup (C/Dt=1.3)

Figure 2. Illustration of the sand pouring and a sample of model setup.
The model was spun to 68g and two stabilization cycles were carried out (going from 68g to 15g
and back to 68g); these are done to help obtain consistency between tests by reducing localized
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high-stress zones. Tunnel volume loss Vl,t was then simulated by extracting water from the model
tunnel in increments of 0.1%, with digital images taken at each increment.
RESULTS
Building and underlying soil displacements
The prototype scale settlement Uz and horizontal displacement Ux of the footings and underlying soil
at Vl,t = 2.0% are plotted in Figures 3a and 3c, along with greenfield soil displacements. To evaluate
the soil-structure interaction for settlement troughs of equal volume (with different valuesof C/Dt),
results are also compared for a given soil volume loss (at the foundation depth, Vl,s = 1.4%) using
data presented in Figures 3b and 3d. In this case, for C/Dt =1.3, Vl,t = 2.0%, and for C/Dt =2.0, Vl,t =
1.2%. First, the greenfield settlement troughs were characterized by fittingmodified Gaussian curves
(Vorster et al., 2005) to the settlement data, with the results summarizedin Table 2. The greenfield
settlement trough above the deeper tunnel (C/Dt =2.0) is much wider (a larger i) than for the
shallower tunnel (C/Dt =1.3) at identical Vl,t=2.0%, although the maximum settlement values are
close (similar values of Uz,max ). Considering the same Vl,s = 1.4%, the settlement trough for C/Dt
=2.0 is much wider and shallower than for C/Dt =1.3. The wider and shallower settlement trough for
the C/Dt =2.0 tests should result in lower differential settlements and distortion levels of a building
than the C/Dt =1.3 tests.
Table 2. Greenfield settlement trough characteristics (prototype scale).
Id (%) Vl,t (%) z (m) C/Dt
Vl,s
Uz,max (mm)
K=i/zt
i
(%)
(-)
(m
)
90
2
0.7
1.3
1.4
31.4
2.9
0.27
90
1.2
0.7
2.0
1.4
21.5
5.3
0.34
90
2
0.7
2.0
1.9
29.3
4.7
0.31
Results of the footings in Figure 3(a) show that the external footings (Foot-1 to -2, and -6 to -7, see
Figure 1b for numbering) C/Dt =2.0 settled more than for C/Dt =1.3, while the central footings (Foot3 to -5) had a smaller settlement level for C/Dt =2.0 than for C/Dt =1.3. Consequently, the increase
of C/Dt reduced the differential settlements of the footings and thus decreased the structural
distortion. In the horizontal direction, the horizontal displacements Ux of the external footings (Foot1 to -2) in the C/Dt =2.0 test tended to be greater than in the C/Dt =1.3 case, however, the differential
horizontal displacements decreased (discussed later). This is because, for the C/Dt =2.0 case, a larger
region of the soil displayed relatively larger Ux than the C/Dt =1.3 test, indicating that the deeper
tunnel may have a greater effect on the structure horizontal distortion than the shallower tunnel.
When considering the settlement troughs of equal volume, Figure 3b shows that the external footings
for both tests show similar settlement levels, whereas a much greater maximum settlement is
observed in the C/Dt =1.3 test than the C/Dt =2.0 case. In the horizontal direction, both the maximum
and differential horizontal displacements Ux of the footings for the C/Dt =2.0 test were smaller than
those of the C/Dt =1.3 case.
Figure 4 presents the variation of settlements Uz and horizontal displacements Ux of the footings and
the horizontal strains ϵh between footings against tunnel volume loss Vl,t, along with the
corresponding greenfield displacements and nominal average strains. Compared with the greenfield
case for the C/Dt =1.3 in Figure 4a, the surface soil at Foot-1 to -3 locations had greater settlements
for the C/Dt =2.0 in Figure 4d throughout the investigated Vl,t range, while the maximum settlement

249

167

(at the Foot-4 location) was nearly identical (see Figures 4a and 4d). Consequently, the differential
settlements (see the difference of the settlements between Foot-1 and -4) for both the greenfield test
in Figure 4d and the frame test in Figure 4c were smaller thanin Figures 4a and 4b.

Figure 3. Foundation and underlying soil displacements at identical tunnel (a, c) and soil (b, d)
volume losses.
Results in Figure 4 show that the Ux of the ground surface at the locations of Foot-1 and -2 in the
greenfield test were greater for the C/Dt =2.0 than for the C/Dt =1.3, resulting in greater values of Ux
of Foot-1 and -2 (compare Figures 4c and 4b). Furthermore, in the greenfield tests, the nominal
average tensile strain ϵh,t at Bay-1 and -2 locations increased and decreased, respectively, for C/Dt
=2.0 than for the C/Dt =1.3 (compare Figures 4d with 4a). As a result, the values of tensile strains
ϵh,t of Bay-1 and -2 for the C/Dt =2.0 case were also slightly greater and smaller, respectively, than
those for the C/Dt =1.3 test. On the other hand, the nominal average compressive strains ϵh,c of Bay3 in greenfield tests were nearly identical for both tests, thus compressive strains ϵh,c of Bay-3 in the
two frame tests were similar (see Figures 4b and 4c).

Figure 4. Footing displacements and horizontal strains (ϵh > 0 tension) against tunnel volume loss.

250

168

Ground deformations
Figure 5 presents contours of normalized ground horizontal (Ux/Dt) and vertical (Uz/Dt)
displacements, along with engineering shear γs and volumetric ϵv stains of the soil at a tunnel volume
loss of Vl,t 2.0% in four centrifuge tests. In Figure 5, positive horizontal and vertical displacements
are oriented towards the right and downwards, respectively, while positive volumetric strains are
contractive. Data outside the contour thresholds were set equal to the closest limit value.

Figure 5. Soil movements normalized by the tunnel diameter, engineering shear and volumetric
strains at Vl,t = 2.0% (ϵv > 0 indicates dilation).
Results in Figure 5 show that the increase of C/Dt primarily affected the magnitude of the
displacements and strains; the deeper the tunnel, the lower the levels of displacements and strains
(not true for Ux). For the greenfield soil horizontal displacements, although the maximum values
of Ux in both tests are similar, a larger zone of the soil in the C/Dt =2.0 test exhibited significant Ux
(for instance, Ux/Dt greater than 0.06) than the C/Dt =1.3 case. This indicates that although a deeper
tunnel can effectively reduce the building distortion, it could also affect a larger area of the structure
in the horizontal direction than the shallower tunnel. The effect, relative to the greenfield case, of
the presence of the buildings on tunneling-induced ground deformation for both frametests is
identical; the footings restricted the horizontal displacements of the soil with a distinct change in
magnitude at the footing locations; shear and volumetric strains above the tunnel crown are slightly
decreased; localized zones of high shear strain are noted at the footing positions due to the action
of the footings, resulting in dilation beneath the footings and contraction of the soil between
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footings. However, the footings in the C/Dt =2.0 test tended to apply a greater restraint to the soil
horizontal displacements than the C/Dt =1.3 case, possibly because of a lower load redistribution
(therefore larger contact pressures beneath central footings) of the building for the C/Dt =2.0 case
than for the C/Dt =1.3 test.
Soil volume losses
In drained soils, because of their contractive/dilative response to shearing, the relationship between
soil volume loss Vl,s (given by the integration of the soil settlements at a given depth) and tunnel
volume loss Vl,t (the ground loss at the tunnel boundary) is not 1:1 (as would be the case in undrained
soils), which could also have an impact on the tunnel-framed building interaction behavior.
Engineers tasked with designing excavations need to predict/assume reasonable values of soil
volume losses given an expected level of tunnel volume loss Vl,t for the applied tunneling operations.
Figure 6 presents the relationship between soil volume loss Vl,s (given by the integration of the soil
settlements at the foundation depth) and tunnel volume loss Vl,t.

Figure 6. Variation of soil volume loss with tunnel volume loss:
Figure 6 shows that, consistent with Marshall et al. (2012), the greater the value of C/Dt, the higher
the soil volume loss in both greenfield and frame tests. Furthermore, the soil transitions from
contractive at lower values of Vl,t (1.0% for the C/Dt = 1.3 and 1.5% for the C/Dt = 2.0) towards
dilative at higher tunnel volume losses. Interestingly, results also show that the presence of the
building notably increased the soil volume loss Vl,s, compared with the greenfield scenario. This
differs from the results for the cases with the footings resting on the surface (framed buildings in Xu
et al. (2021b) and bearing wall structures in Ritter et al. (2017)), indicating a more complex soilfooting interaction mechanism for the embedded foundation.
Structural distortion and modification factor
Experimental study (Xu et al. (2020)) has confirmed that framed buildings primarily exhibit angular
distortions β (given by the difference of tilt and slope of the building/bay/panel, Son & Cording
(2005)) when subjected to tunneling (not true for the bottom panels that undergo significant
horizontal strains). First, the maximum values of the building angular distortion βmax in upper level
panels are plotted against Vl,t and Vl,s in Figures 7a and 7b, respectively. The maximum building
angular distortions are smaller for the C/Dt = 2.0 than for the C/Dt = 1.3 in both scenarios, for both
Vl,t and Vl,s.
To consider the distribution of distortion and level of damage within the upper and lower level panels,
the deformed shape of the framed buildings and the ground surface movements at Vl,t = 2% are
presented in Figure 8. Indicators are used for the range of maximum tensile strain εmax(computed using
four corner point displacements using the method proposed by Elkayam & Klar (2019)) and the
category of damage (obtained from the thresholds of Boscardin & Cording (1989)) within upper and
lower panels to assess the distortion levels of panels. A color scheme wasadopted to denote low
for category 0-1, medium for category 2 and high for category 3+.
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Figure 7. Maximum building angular distortion against tunnel/soil volume loss.

Figure 8. Frame deformed shape and level of damage at tunnel volume loss Vl,t = 2.0%.
For the C/Dt =1.3 test (Figure 8a), all the upper level panels and lower level Panel-1 and -6 underwent
medium levels of damage; whereas lower level Panel-2 to -5 experienced high levels ofdamage due
to bending deflections of footing columns (horizontal strain is significant). For the C/Dt = 2.0 test,
Figure 8b shows that the levels of damage within the internal panels (Panel-3 to -4)decreased (from
high to medium, or from medium to low), compared against the C/Dt =1.3 case.
In practice, modification factor approaches are often used to predict tunneling-induced structure
distortion from greenfield displacements. In this paper, modification factors of angular distortion (M
β
), and horizontal strains (M ε,h) are presented. M β is obtained by normalizing the maximum angular
distortion within the structures by the maximum (among all bay locations) average slopeof the
greenfield surface settlement trough spanning a bay width (Xu et al. (2020)); M β is then related to
the relative soil-building shear stiffness κ= (EsB)/(GA *), where Es is the representative Young’s
modulus of the soil (estimated using the approach proposed by Farrell (2010)). M ε,h is given by the
ratio of the maximum horizontal strains among all bays at the foundation level to the maximum
average horizontal strains inferred from the greenfield displacements at the footing locations (Goh
& Mair, (2014)). The dimensionless relative footing-soil stiffness αf*=1/Es×3KbKc/(hstory2(2Kb+3Kc))
is inferred from a 1-story, single-bay portal (Goh & Mair 2014), where Kb =(EI/bbay)b and Kc
=(EI/bbay)c are the per meter run average stiffness of the beam and footing column, respectively.
First, the variation of M β and M ε,h with tunnel volume loss Vl,t is discussed. Results in Figure 9a
show that the trends in both tests display a fluctuation within a certain range. The increase of C/Dt
tended to increase the values of M β. Figure 9b shows a decreasing trend of M ε,h with Vl,t and the
value of M ε,h in tension mode was mostly greater than in compression mode for both tests.
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distortion from greenfield displacements. In this paper, modification factors of angular distortion (M
β
), and horizontal strains (M ε,h) are presented. M β is obtained by normalizing the maximum angular
distortion within the structures by the maximum (among all bay locations) average slopeof the
greenfield surface settlement trough spanning a bay width (Xu et al. (2020)); M β is then related to
the relative soil-building shear stiffness κ= (EsB)/(GA *), where Es is the representative Young’s
modulus of the soil (estimated using the approach proposed by Farrell (2010)). M ε,h is given by the
ratio of the maximum horizontal strains among all bays at the foundation level to the maximum
average horizontal strains inferred from the greenfield displacements at the footing locations (Goh
& Mair, (2014)). The dimensionless relative footing-soil stiffness αf*=1/Es×3KbKc/(hstory2(2Kb+3Kc))
is inferred from a 1-story, single-bay portal (Goh & Mair 2014), where Kb =(EI/bbay)b and Kc
=(EI/bbay)c are the per meter run average stiffness of the beam and footing column, respectively.
First, the variation of M β and M ε,h with tunnel volume loss Vl,t is discussed. Results in Figure 9a
show that the trends in both tests display a fluctuation within a certain range. The increase of C/Dt
tended to increase the values of M β. Figure 9b shows a decreasing trend of M ε,h with Vl,t and the
value of M ε,h in tension mode was mostly greater than in compression mode for both tests.
Furthermore, the values of M
ratio C/Dt.

ε,h

showed limited differences depending on the cover-to-diameter

The modification factors (M β and M ε,h) are plotted against relative stiffness in Figure 10 for Vl,t =
0.5, 1.0 and 2.0%, along with the envelopes proposed in Xu et al. (2021b) based on centrifuge test
data for framed building footings on the ground surface and the shallow tunnel scenario. Results
show that, 1) data points of M β for the embedded footings do not entirely agree with the empirical
envelopes for the footings resting on the surface, with a greater value of M β than the plotted
maximum envelope for a given relative stiffness value; 2) the increase of C/Dt has a minor effect on
the distribution of the data points along the envelopes. In Figure 10b, a decreasing trend of M ε,his
observed. The value of M ε,h for tension is greater than for compression at high tunnel volume loss
Vl,t = 2.0%.

Figure 9. Modification factors of (a) angular distortion and (b) horizontal strain against tunnel
volume loss.

Figure 10. Modification factors of (a) angular distortion and (b) horizontal strain against relative
stiffness (numbers near markers indicate Vl,t).
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CONCLUSIONS
This paper presented results from a centrifuge study of the effects of cover-to-diameter ratio C/Dt on
tunneling-induced deformations of framed buildings on separate footings. The increase of C/Dt
decreased the differential settlements, horizontal displacements and structural distortion, as well as
the level of ground deformations (displacements and strains). Results were also used to evaluate
frame modification factors. For modification factors of the building maximum angular distortions
M β, the increase of cover-to-diameter ratio C/Dt has a minor effect on the distribution of the data
points along the empirical envelopes proposed for footings on the surface, whereas a decreasing
trend of modification factors of maximum horizontal strains with relative stiffness is obtained. The
presented results also indicate that, although the increase of cover-to-diameter ratio C/Dt generally
decrease the horizontal displacements and strains of separate footings, it also results in a larger
area of the soil having significant horizontal displacements, thus affecting a larger portion of the
structure than the shallower tunnel scenario, particularly if the building is susceptible to the actions
of horizontal ground deformations (as for separate footings).
ACKNOWLEDGMENTS
Financial supports from the National Natural Science Foundation of China (Grant No. 5210081565)
and the Fundamental Research Funds for the Central Universities (Grant No. 2242021R10032) are
greatly appreciated.
REFERENCES
Boone, S. J. (1996). “Ground-Movement-Related Building Damage”, Journal of Geotechnical
Engineering, 122, 886–896.
Boscardin, M. D. and Cording, E. J. (1989). “Building response to excavation-induced settlement”.
Journal of Geotechnical Engineering, 115(1), 1–21.
Elkayam, I. & Klar, A. (2019). “Nonlinear elasto-plastic formulation for tunneling effects on
superstructures”, Canadian Geotechnical Journal, 56(7), 956–969.
Farrell, R. (2010). “Tunnelling in sands and the response of buildings.” Ph.D. thesis, Dept. of
Engineering, Cambridge Univ.
Goh, K. H. & Mair, R. J. (2014). “Response of framed buildings to excavation-induced
movements”, Soils and Foundations, 54(3), 250–268.
Loganathan, N. & Poulos, H. G. (1998). “Analytical prediction for tunneling-induced ground
movements in clays”, Journal of Geotechnical and Geoenvironmental Engineering, 124(9), 846–
856.
Mair, R. J., Taylor, R. N., & Bracegirdle, A. (1993). “Subsurface settlement profiles above tunnels
in clay”, Géotechnique, 43(2) , 315–320.
Maleki, M., Sereshteh, H., Mousivand, M., & Bayat, M. (2011). “An equivalent beam model for the
analysis of tunnel-building interaction”, Tunnelling and Underground Space Technology, 26(4),
524–533.
Marshall, A. M., Farrell, R., Klar, A., & Mair, R. (2012). “Tunnels in sands: the effect of size, depth
and volume loss on greenfield displacements”, Géotechnique , 62(5), 385–399.
Potts, D. M. & Addenbrooke, T. I. (1997). “A structure’s influence on tunnelling-induced ground
movements”, Proceedings of the ICE - Geotechnical Engineering, 125(2), 109–125.
Ritter, S., Giardina, G., DeJong, M. J. & Mair, R. J. (2017). “Influence of building characteristics
on tunnelling-induced ground movements”, Géotechnique , 67(10), 926–937.
Son, M. & Cording, E. J. (2005). “Estimation of Building Damage Due to Excavation-Induced
Ground Movements”, Journal of Geotechnical and Geoenvironmental Engineering, 131(2),162–
177.
Vorster, T. E. B., Klar, A., Soga, K., & Mair, R. J. (2005). “Estimating the Effects of Tunneling
on Existing Pipelines”, Journal of Geotechnical and Geoenviromental Engineering, 131(11),
1399–1410.
Xu, J., Franza, A. & Marshall, A.M. (2020). “Response of framed buildings on raft foundations to
tunneling”, Journal of Geotechnical and Geoenvironmental Engineering, 146(11), 04020120.
Xu, J., Franza, A., Marshall, A.M. & Losacco N. (2021a). “Role of Footing Embedment on Tunnel–
Foundation Interaction”, Journal of Geotechnical and Geoenvironmental Engineering, 147(9),
06021009.
Xu, J., Franza, A., Marshall, A.M. Losacco N & Boldini D. (2021b). “Tunnel-framed building
interaction: comparison between raft and separate footing foundations.”, Géotechnique , 71(7),
631–644.

255

173

PARALLEL SESSION 3B
2.21

MECHANISM OF LATERAL NEW-EXISTING PILE INTERACTIONS FOR
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Existing pile reuse has been recognized as an extremely important trend for sustainable urban construction.
When existing piles are left derelict, the subsequent lateral behavior of the new pile embedded in them may
change due to pile-soil-pile interactions. Centrifuge test carried out specifically for the free head condition
of existing piles (new-existing pile spacing = 3.5D) revealed that free-head existing piles have limited
influence on the lateral capacity of new piles. To investigate the effects of existing piles with different pile
head conditions on the new pile, 3D numerical models were performed based on the centrifuge test, and two
kinds of existing pile head conditions - the same free head as in the centrifuge test and fixed head condition,
were covered. Numerical simulation for the free head condition shows the same findings as the centrifuge
test, revealing a slight increase of lateral new pile capacity. However, for a fixed head condition, existing
piles can provide a greater contribution to the lateral capacity of the new pile. In this study, the mechanisms
of lateral new-existing pile interactions under these two head conditions were analyzed, and the lateral
performance of the new pile incorporating the existing pile contributions to the new pile capacity was
investigated. The responses of existing piles under different head conditions were also presented and
compared. Results reveal that the existence of existing piles contributes to the lateral capacity of new piles
depending on the head condition of existing piles.
INTRODUCTION
With the replacement or expansion of old buildings and structures, particularly in congested urban
environments, the disposal of the existing foundations left derelict, whether extracted or reused for new
buildings and structures, has become an obstacle to sustainable urban renewal (Building Contractors Society
2003; Butcher et al., 2006). Represented by the disposal of existing foundations, a new geotechnical branch
is being formed, called geo-regenerative engineering. The extraction of existing pile foundations generates
industrial waste and is often accompanied by large disturbances of soil layers and increasing construction
costs. In recent years, the number of cases about the reuse of existing piles to support new constructions has
increased due to significant environmental and commercial benefits. Generally, due to the heavier new
infrastructure to be built compared to the demolished buildings, new piles will be added and constructed on
the site with existing piles and the existing piles left underground can affect the subsequent vertical and
lateral performance of new piles. Therefore, the analysis of new pile-existing pile interactions and their
bearing performance during the reuse process is a significant issue for geotechnical engineers. Most previous
studies have done focusing on the feasibility assessment of the reuse of existing pile foundations and their
capacity variation after building demolition (Hertlein and Walton, 2000; Begaj and McNamara, 2011; Leung
et al., 2011; Bell et al., 2013). Several studies about the vertical bearing performance of new piles
considering the effects of existing piles were also reported (Tamura et al., 2012b; Li et al., 2016). In
evaluating the existing pile effects on the lateral performance of new piles, Miyata and Suzuki (2004) carried
out numerical modelling to analyze the lateral capacity of new piles considering the influence from existing
piles. Tamura et al. (2012a) conducted centrifuge tests to evaluate the effects of free-head existing piles on
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the lateral capacity of a new pile where the existing piles of an old building are left derelict. Li and Tamura
(2021a, 2021b) performed numerical studies to examine the existing pile contributions to the lateral new
pile capacity considering new-existing pile spacing and new pile head condition. In these previous studies,
only free-head existing piles were involved, however, when considering the existing pile contributions to
the lateral capacity of new piles, it is important to understand the effect of existing pile head conditions. As
such, the main objective of this paper is to assess the existing pile head effects on the lateral behavior of
new piles and interpret the mechanism of lateral new-existing pile interactions for pile reuse.
NUMERICAL MODELLING AND VERIFICATION

(a)

(b)
Fig. 1 Numerical models: (a) single pile and (b) new-existing piles
The numerical simulation of the lateral new-existing pile interaction was performed through the finite
difference code FLAC3D based on the centrifuge test carried out by Tamura et al. (2012a). As illustrated in
Fig. 1, two models involving single pile and new-existing piles were established respectively, with the same
calculation domain: length × width × depth= 18m × 6m × 11m. The new pile with a pile cap was located at
the center of the 2 × 2 arrangement existing piles with a new-existing pile spacing of 3.5 pile diameters on
centers. The diameters of new and existing piles are all D = 0.48m. Dry Toyoura sand was simulated, and
at the bottom level of the domain all movements were restrained, whereas, at the lateral external sides,
lateral movements perpendicular to the boundary were prohibited. The single pile and new pile tips were
free, while the pile tips of all existing piles were fully restrained from moving and rotating in any direction.
Additional details can be found in Tamura et al. (2012a). In this modelling, the monotonic loading based on
displacement control method was adopted to investigate the lateral capacity of the new pile affected by
existing piles. The pile heads of existing piles were first set to be free as the same as the condition in the
centrifuge test, and the results were compared with centrifuge test data to check the validity of the numerical
model. And then, the fixed head condition of the existing piles was adjusted to investigate the effect of
existing pile head conditions on the new pile behavior.
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Fig. 2 Variation of shear modulus with depth in this modelling
In this modelling, the soil shear modulus variation with depth was considered, as presented in Fig. 2, and an
advanced strain-hardening constitute model (CHsoil) that can reflect the stiffness decrease versus
deformation with hyperbolic stress-strain behavior, was adopted. New and existing pile behaviors were
considered as a linear-elastic model. The material properties for the Toyoura sand and piles were assigned
based on the properties given by Tamura et al. (2012a). Between the piles and the surrounding soil, interface
elements were used to simulate the pile-soil interaction. The stiffness of normal spring, kn, and shear spring,
ks, were defined using Eqs. (1-2):

kn = 10(

Ep
G

)-0.14 G

(1)

ks = 1.6G

(2)

where Ep is Young’s modulus of model piles, and G is the initial tangent shear modulus of sand following
the relation in Fig. 2b.
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The accuracy of the numerical model under the free head condition of the existing pile was verified by
comparing the bending moments of the single pile and the existing pile (B) obtained from the centrifuge test
(Tamura et al., 2012a) under the new pile head displacement of y / D = 0.3. As shown in Fig. 3, the numerical
model in this study provides results that are in good agreement with test data.
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Fig. 3 Comparisons of the bending moment curves of (a) the single pile; and (b) the existing pile with free
head
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MECHANISM OF LATERAL NEW-EXISTING PILE INTERACTIONS
To examine the pile head conditions of the existing piles on the lateral new-existing pile interactions, two
kinds of existing pile head conditions assumed free head and fixed head, denoted as EPfree and EPfixed,
respectively, were performed.
Lateral load and deformation
Fig. 4 presents the numerical results of the lateral load-displacement curves and the new pile deflections at
y / D = 0.3 under different head conditions of existing piles. The lateral load-displacement curve of the
single pile in the free field was also included. It can be found, compared to the lateral capacity of the single
pile, the lateral capacity of the new pile affected by the free head existing piles generates a slight increase.
The increased ratio of the new pile capacity under EPfree condition compared to the single pile is
approximately 6% at y / D = 0.3, which is consistent with the result of the centrifuge test (Tamura et al.,
2012a). When it comes to the fixed head condition of existing piles, the increased ratio of the new pile
capacity under EPfixed condition compared to the single pile is 11.8% at y / D = 0.3; based on Eq. (3), the
increased ratio of the new pile capacity under EPfixed condition compared to that under EPfree condition
is κ = 5.5% for the new-existing pile spacing of 3.5D, indicating that the EPfixed condition is more effective
than the EPfree condition in the enhancement of the existing pile contribution to the new pile. Even so, the
EPfree condition of existing piles is more common in practice, which indicates that the effect of existing
piles on the lateral capacity of the new pile is limited. As shown in Fig. 4b, the lateral deflection of the new
pile is hardly affected by different existing pile head conditions, and the overall deflection along the depth
of the new pile under EPfixed condition is bit smaller than that under EPfree condition.

k=

H EPfixed - H EPfree
´100%
H EPfree

(3)

where κ is the increased ratio of the new pile capacity under fixed head condition of existing piles compared
to that under free head condition of existing piles. HEPfree and HEPfixed are the lateral capacities of the new
pile under free and fixed head conditions of existing piles.
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Fig. 4 Lateral loading results: (a) lateral load – displacement curves and (b) new pile deflections at y /
D = 0.3
Fig. 5 shows the soil deformation modes for the two head conditions of existing piles under the same new
pile head displacement of y / D = 0.3. Compared to piles in the free field, the existence of existing piles can
produce blocking effects on the new pile, and the blocking effect of the fixed-head existing piles is stronger
than that of the free-head existing piles. As shown in Fig. 5, different pile head conditions of the existing
pile result in different soil deformation modes around the existing pile. Since the pile head of the existing
pile is fixed and not allowed to deform, the flow-like displacements of the soil around the fixed-head existing
pile are more obvious than those of the free-head existing pile. The free head existing pile can deform
together with the soils to some extent, but the fixed head existing pile cannot. This phenomenon shown in
Fig. 5 reflects the stronger new pile-soil-existing pile interactions for the EPfixed condition and reveals the
mechanism of the increase of the lateral new pile capacity affected by existing piles.
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Fig. 5 Different soil deformation modes under EPfixed and EPfree conditions
New pile behavior
Fig. 6 presents the comparisons of the bending moments and horizontal subgrade reactions of the new pile
at y / D = 0.3 under free and fixed head conditions of existing piles. For the same loading displacement of
the new pile head, the obtained bending moment distributions of the new pile under EPfixed and EPfree
conditions are similar, while the maximum bending moment of the new pile under EPfixed condition
performs slightly larger than that under EPfree condition. As shown in Fig. 6b, the horizontal subgrade
reactions of the upper part of the new pile under EPfixed condition are larger than those under EPfree
condition, and the lower part is opposite. The existing piles with fixed head condition can provide greater
resistance force to restrain the deformation of the upper new pile.
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Fig. 6 Comparisons of (a) bending moments and (b) horizontal subgrade reactions of the new pile at y / D
= 0.3
Fig. 7 presents the evolution of earth pressures acting on the right side of the new pile during lateral loading
for free and fixed head conditions of existing piles. The earth pressure at z = -2.4m under EPfixed condition
is greater than that under EPfree condition, while the earth pressure at z = -4.8m under EPfixed condition is
lower than that under EPfree condition. This is consistent with the results of the horizontal subgrade
reactions shown in Fig. 6b, reflecting that the fixed-head existing piles can be more effective in
strengthening the lateral soil-pile interaction on the upper part of the new pile. Fig. 8 compares the earth
pressures acting on the two sides of the existing pile for free and fixed head conditions. It can be seen, in
two head conditions, the earth pressures on left side are larger than those on right side at z = -2.4m, while
the earth pressures on left side are smaller than those on right side at z = -4.8m. This reflects the difference
in the direction of the resultant earth pressure on the upper and lower parts of the existing pile. The upper
pile mainly bears the earth pressure that drives the pile deformation, while the lower part mainly provides
soil resistance to resist the existing pile deformation. As the pile head is fixed, the earth pressure at z = 2.4m on the left side of the fixed head existing pile has a great increase compared to free head condition,
while the earth pressure acting on the right side of the fixed head existing pile decreases significantly. This
is also the reason why fixed head existing pile can provide more contributions to the lateral capacity of the
new pile considering pile-soil-pile interaction. On the contrary, the earth pressures at z = -4.8m perform the
opposite rules. At z = -4.8m, the earth pressure acting on the left side of the fixed head existing pile decreases
along with new pile displacements, and its earth pressure values acting on left side are smaller than those
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under the free head condition, while the values acting on right side are bigger.
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Existing pile response
The existing pile response due to lateral new-existing pile interactions was analyzed in this study, and its
bending moments and horizontal subgrade reactions under different head conditions at y / D = 0.3 were
presented in Fig. 9. As the existing pile head is fixed and not allowed to rotate, the distribution of the bending
moment under EPfixed performs a significant difference from that under EPfree. The upper shaft of the
existing pile under EPfixed generates large bending moments with the maximum bending moment appeared
at z = -2m, and additional reverse bending moments are produced at the existing pile head. Also, there is a
large reverse bending moment that appeared at the lower shaft of the existing pile (z = -7m) for EPfixed
condition. However, the maximum bending moment for the free head existing pile (EPfree) appears at z = 5.5m, which is consistent with the result of the centrifuge test (Tamura et al., 2012a). Fig. 9b presents the
corresponding horizontal subgrade reactions for free and fixed head existing piles. It can be seen that the
horizontal subgrade reactions of the existing pile under EPfixed condition are mostly larger than those under
EPfree condition. Especially in the upper part, the maximum horizontal subgrade reaction under EPfixed is
close to 6 times that under EPfree. However, their positions where the maximum horizontal subgrade
reaction appeared are basically the same, both at a depth of about z = -1.5m. In practice, the existing pile
with fixed head condition will suffer from larger soil pressures while it provides greater contributions to the
lateral capacity of the new pile.
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CONCLUSIONS
Numerical modelling based on centrifuge tests was performed in this study to investigate the mechanism of
lateral new-existing pile interactions under different pile head conditions of existing piles. The main
conclusions can be drawn as follows:
1). The existence of existing piles can produce blocking effects on the new pile due to lateral loading.
Compared to the free head condition of existing piles, the blocking effect of the fixed-head existing piles is
stronger, and the fixed head condition can be more capable of enhancing the lateral pile-soil-pile
interactions.
2). The increased ratios of the new pile capacity affected by existing piles with free and fixed head conditions
are 6% and 11.8%, respectively, and the difference in existing pile contributions between fixed head
condition and free head condition κ (Eq.3) is 5.5%.
3). The behavior and mechanism of the new and existing piles under different head conditions are
investigated, indicating that the existing piles contribute to the lateral capacity of new piles depending on
the head condition of existing piles.
ACKNOWLEDGMENTS
This work was supported by JSPS Postdoctoral Fellowships for Research in Japan (No. P21349). The
financial support is gratefully acknowledge.
REFERENCES
Begaj, L. & McNamara, A. M. (2011). “Centrifuge model testing for pile foundation reuse”, Int. J. Phys.
Model. Geo, 11(4): 166-177.
Bell, A., Soga, K., Ouyang, Y. & Wang, F. (2013). The role of fibre optic instrumentation in the reuse of
deep foundations, Proceedings of the 18th International Conference on Soil Mechanics and
Geotechnical Engineering, Paris.
Building Contractors Society. (2003). Guidelines of reuse of existing piles, No. 593.
<http://www.bcs.or.jp/> (in Japanese).
Butcher, A. P., Powell, J. J. M. & Skiner, H. D. (2006). Reuse of Foundations for Urban Sites: A Best
Practice Handbook, BRE Press, Watford, UK.
Hertlein, B. H. & Walton, W. H. (2000). Assessment and reuse of old foundations, Proceeding, Session 218,
TRB, Washington, DC.
Leung, Y. F., Soga, K. & Klar, A. (2011). Multi-objective foundation optimization and its application to
pile reuse, In Geotechnical Special Publication, pp. 75-84.
Li, H. J. & Tamura, S. (2021a). Numerical investigation of pile spacing effects on the lateral interaction of
new and existing piles, The 56th Japan National Conference on Geotechnical Engineering, Yamagata,
Japan.
Li, H. J. & Tamura, S. (2021b). Effect of existing piles on the lateral performance of new piles considering
pile head condition, The National Conference of Architectural Institute of Japan, Tokai, Japan.
Li, J. P., Zhang, L., X., Li, L. & Liu, Z. X. (2016). “Analysis of load-settlement relationship of new and old
piles in natural saturated clay”, Chinese J. Geotech. Eng., 35(9): 1906-1913. (in Chinese).
Miyata, A. & Suzuki, M. (2004). Influence of old piles left underground on new pile resistance, Annual
Report of Kajima Technical Research Institute, Kajima Corporation, No. 52, pp. 29-34. (in Japanese).
Tamura, S., Adachi, K., Sakamoto, T., Hida, T. & Hayashi, Y. (2012a). “Effects of existing piles on lateral
resistance of new piles”, Soils. Found, 52(3): 381-392.
Tamura, S., Higuchi, Y., Hayashi, Y. & Yamzasaki, M. (2012b). “Centrifuge studies on the effects of
existing piles on the end resistance and shaft friction of a new pile”, Soils. Found, 52(6): 1062-1072.

181

2.22
DYNAMIC BEHAVIOR OF SUCTION BUCKET FOUNDATION SUBJECT TO
COMBINED MONOTONIC-CYCLIC LOADING
MANTA NAKAMURA
Civil and Earth Resources Engineering, Kyoto University, Kyoto daigaku-katsura
Nishikyo-ku, 615-8530, Japan
RYOSUKE UZUOKA
Disaster Prevention Research Institute, Kyoto University, Gokasho
Uzi, 611-0011, Japan
KYOHEI UEDA
Disaster Prevention Research Institute, Kyoto University, Gokasho
Uzi, 611-0011, Japan
In order to apply the suction bucket foundation for an offshore wind turbine in Japan, experiments have
been conducted to evaluate the resistance characteristics of the foundation in response to external forces. In
this study, centrifugal model tests were conducted in a 14G gravitational field under a combination of
monotonic and cyclic horizontal loading conditions to evaluate the effect of the stiffness of the skirt on the
dynamic behavior of the mono bucket foundation. Parameters of suction bucket foundations selected for
this study are skirt length L = 1.5 m by diameter D = 1.1 m, and its width is 2 mm (Model A) and 1 mm
(Model B) in prototype scale. In the monotonic horizontal loading test, no significant difference was
observed in the ultimate load (Fult) between the two models, and the process leading to the ultimate load
was almost the same. In the cyclic horizontal loading test, monotonic horizontal loading (Fa) was applied,
then cyclic loading (Fcyc) was applied with stress control, and the residual inclination angle after loading
was measured. The results were organized as a cyclic load response diagram, originally proposed by Nielsen
et al. (2017). The diagram shows that the inclination angle was larger in Model B than in Model A under
the same loading conditions, although some variation was observed. Also, the inclination angle was found
to be greater than 1/200, especially for Model B, even below the threshold loading conditions proposed to
cause an inclination angle of 1/200 in a past study. From the above, the stiffness of the skirt should be
considered when cyclic loading is applied
INTRODUCTION
In recent years, as global warming progresses and the depletion of oil becomes a concern, interest in
renewable energy sources is increasing, and offshore wind power is expected to become one of these
sources.
The monopile foundation method is a typical method for designing foundations for offshore wind power
generation facilities. The monopile foundation method drives a single large-diameter pile into the supporting
ground and can be used even on slightly soft ground or slopes. However, the monopile foundation method
requires the thickness of the sedimentary layer to be about 30 meters when driving the pile, and large
machinery must be introduced for construction. The continental shelf along the coast of Japan does not
provide a thick enough sedimentary layer and requires a large amount of money, so the installation of
offshore wind power facilities using the monopile method in Japan is technically and economically difficult.
On the other hand, the suction bucket foundation method requires only about 10 m of sedimentary layer
thickness and can be applied to the coastal topography peculiar to Japan. The suction bucket foundation
resists large cyclic loads in the horizontal direction due to waves and wind forces by the tip support at the
bottom of the suction bucket foundation and the passive resistance at the sides. As a result, the accumulated
displacement due to cyclic loading is greatly reduced (e.g., Offshore Wind Accelerator (2019) ). The suction
bucket foundation method differs from the monopile foundation method in that the inside of the bucket is
drained to reduce the water pressure below the hydrostatic pressure, and the bucket is penetrated below the
seabed surface. In addition, when the power generation project is completed and the bucket needs to be
removed, it can be easily and completely removed by pressurizing the bucket in the opposite direction of
the penetration. However, when introducing suction bucket foundations, it is necessary to consider the ocean
wave conditions and seismic conditions unique to Japan, as mentioned before.
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In this study, centrifuge model experiments are conducted for a combination of unidirectional and cyclic
horizontal loading conditions to evaluate the effect of different skirt stiffnesses on the dynamic behavior of
the bucket foundation.
CENTRIFUGE MODEL TESTS OF SUCTION BUCKET FOUNDATIONS
Testing facility
The geotechnical beam centrifuge at the Disaster Prevention Research Institute, Kyoto University, was used
for the centrifuge model tests. The effective radius is 2.5 m, and the payload capacity is 24 g·ton with a
maximum acceleration of 50 g for dynamic tests. A rigid container with internal dimensions of 0.4 m
(length) × 0.4 m (width) × 0.3 m (height) was used in this study.
Model setting
The cross-sectional view of the experimental model in the centrifuge is shown in Fig. 2 in terms of model
scale. In this experiment, L/D (i.e., the ratio of a skirt length L to an outside bucket diameter D) was
determined to be 0.67 (L = 1.0 m, D = 1.5 m on a prototype scale), referring to the 1G model tests (Kimura
et al. (2020) ) for a suction bucket foundation conducted at the Toyo Construction Naruo Laboratory. As
shown in Fig. 3, the wind turbine model in the centrifuge tests consists of a bucket foundation (i.e., skirt and
lid), shaft with support members, and wind tower.
Nine pore water pressure gauges (three SSK Co., Ltd; P306A-2, six Tokyo Metrology Institute:
KPE-200KPB) were installed in the ground, as shown in Fig.2. Two of them (P2 and P5) were
located inside the bucket to evaluate the confining effect of a suction bucket on the EPWP
increase depending on the vertical load provided by the upper structure (i.e., the tower and shaft
structure, including the tower head). Also, one load cell (Tokyo Metrology Institute;
TCLN1KNA) and one high-speed camera (Nac Imaging Technology; MEMRECAMfx RX-6G)
were placed Fig.2. Horizontal displacements of the structure (LD1 and LD2) were measured
with two laser-displacement sensors (Keyence Co., Ltd.; IL-100). Based on the displacement
difference, the degree of rotation (i.e., inclination) of the bucket was evaluated. The
measurement software for the pore water pressure transducer and the laser displacement
transducer is the program attached to the voltmeter (Visual LOG, TMR-7630, manufactured by
Tokyo Measuring Instrument Laboratory.
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Fig. 2 The cross-sectional view of the experimental model in the centrifuge
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Fig. 3 Suction bucket model (in model scale)
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Table 1 Characteristics for Ube silica sand No. 6 (Dr = 80%)
Parameter
Symbol
Specific gravity
Gs
Maximum void ratio
emax
Minimum void ratio
emin

Value
2.64
1.01
0.58

dynamic strain and voltmeter. These data are stored in the memory card of the dynamic strain
and Co., Ltd.) installed on the arm of the centrifugal force loading device. At the same time,
they are imported to the observer's desktop PC for measurement via wireless LAN. The control
software for the high-speed camera is a program provided with the high-speed camera.
Ube silica sand No. 6 was used in all the experimental cases to prepare the ground. The physical
properties are shown in Table 1. In order to reduce the model weight, wood was used for a nondeformable base layer. Although the substitution of wood causes buoyancy, it is sufficiently
small compared to the weight of the soil.
Test procedures
The model ground was prepared using air pluviation to obtain a relative density of 80%. The
sand was dropped several times, and the drop height was adjusted to be constant so that the
relative density was maintained at 80%. When the surface of the sandy ground reached a
predetermined position, the skirt of the suction bucket and the pore water pressure gauges were
installed at the predetermined positions. When the bucket was installed, a level was used to
adjust the bucket so that it was inserted vertically. Table 2 shows the physical properties of the
suction bucket materials.
The saturation process of the model ground with viscous fluid was as follows: 1) a vacuum of
−0.1 MPa was applied, 2) air in the voids was replaced with carbon dioxide, 3) vacuum
pressure was reapplied, 4) a continuous drop of the viscous fluid was given through a tube near
the ground surface (refer to Tobita et al. (2018) for details). After completion of the saturation
process, the tower head (i.e., lumped mass) was mounted on top of the tower.
After the installation of a suction bucket foundation, the container was placed on the centrifuge
platform. Then, the model was gradually spun up to the target centrifugal acceleration (i.e., 14 g
in this study), and pushover and cyclic horizontal loading tests were performed.
Although the loading rate was limited in the pushover test, the drainage condition was satisfied
by using water as the pore fluid (e.g., Kimura et al. (2020)). For the cyclic horizontal loading
tests, according to the scaling law, methylcellulose solution (Metolose (SM100), produced by
Shin-etsu Chemical Co., Ltd., 1997) was used as the pore water, and the tests were conducted
under partially undrained conditions.
RESULTS

Pushover test
In the pushover test, the ultimate load Fult that can be supported by the ground was investigated. Horizontal
loading was carried out at 200 mm from the canopy by displacement control at a loading rate of 0.01 mm/s.
Water was used as pore fluid to assume drainage conditions. Two experiments were conducted for each
model.
Fig. 4 shows the relationship between the displacement of the loading position and the loading moment
acting on the bucket canopy as the reference for rotation. Except for the first time (No. 1) in Model B, the
ultimate load Fult was about 11.5 kN and the ultimate moment Mult was about 30 kN-m. The difference in
the stiffness of the skirt of the two models does not affect the load-displacement relationship during
unidirectional loading. No increase in pore pressure was observed during this test.
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Table 1 Characteristics for Ube silica sand No. 6 (Dr = 80%)
Parameter
Symbol
Specific gravity
Gs
Maximum void ratio
emax
Minimum void ratio
emin

Value
2.64
1.01
0.58

dynamic strain and voltmeter. These data are stored in the memory card of the dynamic strain
and Co., Ltd.) installed on the arm of the centrifugal force loading device. At the same time,
they are imported to the observer's desktop PC for measurement via wireless LAN. The control
software for the high-speed camera is a program provided with the high-speed camera.
Ube silica sand No. 6 was used in all the experimental cases to prepare the ground. The physical
properties are shown in Table 1. In order to reduce the model weight, wood was used for a nondeformable base layer. Although the substitution of wood causes buoyancy, it is sufficiently
small compared to the weight of the soil.
Test procedures
The model ground was prepared using air pluviation to obtain a relative density of 80%. The
sand was dropped several times, and the drop height was adjusted to be constant so that the
relative density was maintained at 80%. When the surface of the sandy ground reached a
predetermined position, the skirt of the suction bucket and the pore water pressure gauges were
installed at the predetermined positions. When the bucket was installed, a level was used to
adjust the bucket so that it was inserted vertically. Table 2 shows the physical properties of the
suction bucket materials.
The saturation process of the model ground with viscous fluid was as follows: 1) a vacuum of
−0.1 MPa was applied, 2) air in the voids was replaced with carbon dioxide, 3) vacuum
pressure was reapplied, 4) a continuous drop of the viscous fluid was given through a tube near
the ground surface (refer to Tobita et al. (2018) for details). After completion of the saturation
process, the tower head (i.e., lumped mass) was mounted on top of the tower.
After the installation of a suction bucket foundation, the container was placed on the centrifuge
platform. Then, the model was gradually spun up to the target centrifugal acceleration (i.e., 14 g
in this study), and pushover and cyclic horizontal loading tests were performed.
Although the loading rate was limited in the pushover test, the drainage condition was satisfied
by using water as the pore fluid (e.g., Kimura et al. (2020)). For the cyclic horizontal loading
tests, according to the scaling law, methylcellulose solution (Metolose (SM100), produced by
Shin-etsu Chemical Co., Ltd., 1997) was used as the pore water, and the tests were conducted
under partially undrained conditions.
RESULTS

Pushover test
In the pushover test, the ultimate load Fult that can be supported by the ground was investigated. Horizontal
loading was carried out at 200 mm from the canopy by displacement control at a loading rate of 0.01 mm/s.
Water was used as pore fluid to assume drainage conditions. Two experiments were conducted for each
model.
Fig. 4 shows the relationship between the displacement of the loading position and the loading moment
acting on the bucket canopy as the reference for rotation. Except for the first time (No. 1) in Model B, the
ultimate load Fult was about 11.5 kN and the ultimate moment Mult was about 30 kN-m. The difference in
the stiffness of the skirt of the two models does not affect the load-displacement relationship during
unidirectional loading. No increase in pore pressure was observed during this test.
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Fig. 8 Comparison of measured cyclic response diagram of each model with measured
diagram by Nielsen et al. (2017) (with permission from ASCE)

CONCLUSION
A series of centrifuge model tests have been performed to investigate the behavior of a suction bucket
foundation subject to monotonic horizontal loading (i.e., pushover test) and combined horizontal
monotonic-cyclic loading. Two models with different skirt thicknesses were used in the experiments. In
the pushover test, there was no significant difference in the ultimate load Fult between the two models, and
the process leading to the ultimate load Fult was almost the same in both models. In the monotonic-cyclic
horizontal loading test, the inclination angle increased with the decrease in the skirt stiffness under the
same loading condition, although some variation was observed. This suggests that the stiffness of the skirt
has an effect on the dynamic behavior, especially under cyclic horizontal loading.
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INTRODUCTION
Shallow geothermal energy, extracted by using open or closed heat pump systems, is a promising
and efficient renewable energy technology suitable for space conditioning of buildings. This type
of energy can be explored by using pile foundations as ground-coupled heat exchangers in place of
relatively expensive borehole heat exchangers (Bourne-Webb & Freitas, 2020). This type ofthermalactive pile is usually called geothermal energy pile (GEP).
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This technology has been used successfully under cold dominating weather conditions. However,
in regions where cooling requirements prevail throughout the year, the efficiency of the system can
decrease with time due to the unbalanced heating and cooling loads, which causes excessive heat
injection into the ground. As observed in Akrouch et al. (2020), the global ground temperature will
increase when building-cooling conditions (unbalanced heat transfer) prevail.
Many studies have been performed to assess the sustainability of borehole heat exchanger (BHE)
fields with unbalanced winter and summer thermal loads, or to develop methods to balance the
seasonal loads of the BHEs (Zanchini et al., 2012). The results of Chiasson et al. (2000) and
Lazzari et al. (2010) indicate that, in the presence of groundwater flow, BHE fields can be
sustainable in the case of completely unbalanced seasonal thermal loads.
The impact of groundwater flow on the performance of geothermal heat exchangers was
investigated in Diao et al. (2004). These authors found that the water advection in the porous
medium may alter the conductive temperature distribution considerably. Wang et al. (2009)
concluded that the presence of strong groundwater advection is favorable for reducing the possible
imbalance between heat injection and extraction from and to the ground, being helpful for the
operation of GSHP systems. Many studies suggest that the groundwater flow is a factor with
important effects on the heat exchange efficiency and ground temperature recovery (Zhang et al.,
2017). As mentioned in Yang et al. (2013), the ground heat buildup can be alleviated by the
groundwater advection in cases of ground-coupled heat pump operated in cooling dominated
climates.
Therefore, to study the feasibility of GEP systems in Brazil, where the use of air-conditioning
represents an important fraction of the total energy consumption (De Oliveira et al., 2021), an
equipment was designed to perform physical model tests to investigate the effect of the
groundwater flow on the heat exchange response of energy foundations. The current paper
describes the equipment and procedure developed for this study and shows the preliminary results
of heating tests conducted on a model pile in saturated sand.
EXPERIMENTAL SETUP
A large-scale laboratory equipment was designed and constructed at the University of Sao Paulo in
Sao Carlos city, Brazil, to evaluate the influence of the groundwater flow velocity on the heat
exchange between a geothermal energy pile and the surrounding soil. Heating tests were
performed on a pile section under controlled temperature by using two heaters with temperature
regulators installed inside the PVC pipes. The results obtained for a pile section can be extended to
describe the heat exchange along the depth of energy piles, as proposed in Akrouch et al. (2016).
A section of a U-shaped energy pile was installed in a tank filled with medium dense fine sand.
The test tank was constructed with an upstream and downstream reservoir to apply a hydraulic
gradient across the test sample, allowing a water flow throughout the model.
During the model tests, the temperatures of the pile section, surrounding soil, ambient air, and
water reservoirs were recorded using Pt-100 temperature sensors. As illustrated in Figure 1, Pt-100
were placed in the pile center and in the soil at mid-depth, at 0R (interface), 0.5R, 1R, and 2R,
where R is the pile radius. The sensors were installed at different orthogonal positions in the soil
(P1, P2, P3, and P4). A round hole perforated sheet (RHPS) and a geotextile layer prevented the
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soil from escaping into the water reservoirs. The schematic of the experimental setup is presented
in Figure 1.

Figure 1. Experimental setup (dimensions in centimeters).
Soil properties
The Analândia silica sand, characterized through laboratory tests in Silva et al. (2021), was used
for the current experimental study. The sieving analysis indicated a fine and highly uniform sand
with no discontinuities in the grain distribution curve. The results of maximum and minimum void
ratios allowed the relative density control of the soil during the model preparation. The sand
properties are summarized in Table 1. A constant head permeability test provided a Darcy velocity
estimation of 7 x 10-4 m/s for this preliminary study. The sand was poured into the model to a
relative density of approximately 55%.
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Table 1. Sand properties (Silva et al. 2021).
Test

Property

Unit

Value

Pycnometer test

Specific gravity (Gs)

-

2.67

Effective particle size (D10)

mm

0.11

Average particle size (D50)

mm

0.18

Coefficient of uniformity (Cu)

-

1.73

Coefficient of curvature (Cc)

-

1.22

Maximum dry unit weight (γd, max)

kN/m³

17.66

Minimum dry unit weight (γd, min)

kN/m³

14.35

Maximum void ratio (emax)

-

0.828

Minimum void ratio (emin)

-

0.482

Sieve analysis

Void ratio tests

Model pile
Figure 2 illustrates the single-U energy pile section built for this investigation. The pile material
consisted of grout with a water-cement ratio of 0.6, densified in four layers using a steel bar. Two
high-density polyethylene (HDPE) pipe segments (32 mm outside diameter and 3 mm wall
thickness) and a Pt-100 sensor were installed into the pile using pile cage spacers (Figure 2c).

(b)
Pt-100
Pile spacers
(a)

(c)

(d)

(e)

Figure 2. Photos of the construction of the section pile used in this research: (a) HDPE pipes and
temperature sensor, (b) PVC mold, (c) pipes installed inside the mold, (d) grout filling process, and
(e) pile curing.
Test tank
The groundwater flow tests required a water inlet and outlet system to provide different water flow
velocities or constant hydraulic gradients. The inlet system comprised a valve and a garden hose
connected to a buoy valve. The water flow in the sand tank was established by maintaining the
hydraulic gradient constant throughout the tests. The outlet system consisted of an upper opening
to keep the water level at the same level of the soil surface, and a lower opening for cleaning
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purposes was connected to a valve kept closed in the tests. These openings were coupled to hoses
directed out of the box. The developed system is shown in Figure 3.

Overflow
Valve
Valve
Float

(a)

(c)

Figure 3. (a) Water inlet and (b) outlet system.
The tank grids received appropriate geotextiles to prevent the soil from escaping to the reservoirs.
As shown in Figure 4a, a styrofoam plate was placed at the bottom of the tank to provide thermal
insulation. After placing the pile (Figure 4b), the sand was compacted into the tank in four layers
(Figures 4c, d). Compaction control was carried out by recording the sand mass. The sensors were
installed in the soil at mid pile depth (Figure 4e).
After filling the tank with sand, the sample was covered with glass wool and aluminum tapes on
the sides (Figure 4g). For the saturated sand tests performed in this apparatus, after the procedure
illustrated in Figures 4a-g, the reservoirs were filled with water until the water level reached the
soil surface.
Finally, the HDPE pipes were filled with water, and two aquarium heaters were installed into the
pipes to control the water temperature in the pile section. After that, one day was expected for the
stabilization of the temperature of the sensors.
To apply a water flow through the sample, the equipment received some improvements: a gravel
filter was installed near the water outlet of the upstream reservoir, and a surcharge was applied on
the top of the soil (Figures 4h, i). The experiments were carried out in a container room equipped
with an air conditioning system (Figure 5a) and externally exposed to temperature variations
(Figure 5b). In addition, the water that supplies the groundwater flow experiments is also subjected
to ambient temperature variations, and for this reason, the water temperature in the reservoirs was
also monitored during the heating tests.
For this preliminary study, two heating tests were performed to evaluate the influence of the
groundwater flow on the heat transfer behaviour of the model pile: one with a groundwater flow
and one without groundwater flow. During the heating tests, the water temperature inside the pipes
was kept constant to simulate the effect of a hot water from a heat pump system into the pile
section.
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Figure 4: Test preparation: (a) geotextile in box grids, (b) styrofoam plate and pile placed inside
the box, (c) sand deposition, (d) sand compaction (e) sensors installed into the soil, (f) heaters
inside the pipes, (g) sample thermal insulation, (h) gravel filter and (i) surcharge on the sample top.

Air conditioner

Up-reservoir

Front

(a)
(b)
Figure 5: Container used during experiments: (a) box installed into the container and (b) container
location.
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For the first test, named as ST, the sand sample was submerged, and after temperature stabilization,
the pile was heated through the aquarium heaters, adjusted to keep a constant temperature of 32°C
for 36 h. For the second test, named as FT, a constant hydraulic gradient was applied to the
saturated sand sample during the pile heating. Measurements carried out in the tank overflow
indicated a Darcy velocity of 0.8 m/day. Pile, soil, and ambient temperatures were recorded in both
tests. During the FT, the water temperature of the reservoirs was also recorded, as mentioned
above.
TEST RESULTS
Figure 6 presents the evolution of pile, water reservoirs and the ambient temperature during the
two tests. This figure indicates that the pile subjected to the applied water flow velocity
experienced a smaller temperature increase compared to the case without water flow.

Figure 6: Temperature variation into the pile, reservoirs and ambient during the heating tests.
The ambient temperature inside the container room was maintained around 20°C, but, as shown in
Figure 6, during the FT test a temperature decrease of 3°C from 6 h to 18 h of the elapsed time
affected the water temperature in the upstream reservoir. The temperature of the downstream
reservoir is affected by the heat injected into the pile and by the upstream temperature variation.
The soil temperature variation at the pile interface, 0R, during both tests is presented in Figure 7,
where solid lines refer to the ST test and dashed lines to the FT test. During the ST (test without
water movement), the soil temperature was slightly higher at the sensor position close the heater
(P2 and P3). At the positions P1-0R and P4-0R, similar temperature variations were observed as
expected. The temperature distribution is symmetric in a medium without advection (Diao et al.,
2004). However, the results at P1-0R were slightly influenced by the ambient temperature since it
is located closer to the air conditioner equipment, as shown in Figure 5a.
Figure 7 also illustrates that, up to 18h of pile heating, the temperature variations at pile interface
during the test with water movement were slightly lower compared with the test without advection.
However, after this initial period, necessary to heat the pile (Figure 6), the temperatures at P1-0R
and P2-0R were affected by the water movement due to the heat carried downstream by water
advection, which also caused the increase of temperature at P3-0R and P4-0R. Similar response
can be observed at 0,5R and 1R, as shown in Figures 8 and 9.
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Figure 7: Temperature variations developed in the soil at 0R during the heating tests.

Figure 8: Temperature variations developed in the soil at 0.5R during the heating tests.

Figure 9: Temperature variations developed in the soil at 1R during the heating tests.
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As shown in Figure 8, during the FT test, after around 18 hours of pile heating, the rate of
temperature increase registered by the downstream sensors (P3-0.5R and P4-0R) increased while
decreased at P1-0.5R and P2-0.5R. These results are in agreement with the expected behaviour. As
commented in Diao et al. (2004), when the water advection plays a role in the heat transfer, the
temperature distributions become asymmetric with a downstream bias of the temperature rise.
Figure 8 also indicates that there is a delay between the temperature variations in the upstream
reservoir and in the soil, being the results at P1 and P2 the most affected.
Figure 10 presents the temperature distribution in the soil with and without water advection after
24 and 36hs of pile heating. This figure illustrates the effect of the water advection (the heat
carried downstream) on the soil temperature distribution commented above.

Figure 10: Temperature variations developed in the soil and pile at 24 and 36 hs of heating.
CONCLUSIONS
This paper describes the setup of an experimental study which focuses on the influence of the
groundwater flow on the heat transfer between an energy pile and the surrounding soil. Two
heating tests were performed on a pile section installed in a sand tank, and the preliminary results
showed that this experimental technique can be useful to a better understanding of the thermal
field around an energy pile under different water flow conditions. The apparatus developed would
be used for future experiments to simulate different conditions of energy piles affected by the
groundwater advection. Additionally, these first experiments show the importance of monitoring
the temperature variation in the upstream reservoir during the model tests with water flow.
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Cone penetration tests under various gravity fields are examined in this paper to investigate the gravity
effect, which can be applied to analyse the centrifuge results and to facilitate the design of penetrometers
and data interpretation for penetration in unconventional gravity conditions. CPT tests under 50g and 1g
conditions are discussed to demonstrate the gravity effect on both penetration resistance and soil
deformation. A ratio of normalised penetration resistance is proposed to indicate the gravity effect, and its
degradation curve is described by an exponential relation with a single parameter. The predictions after
nonlinear regression show good agreements with the measurements from centrifuge and low gravity tests,
and the degradation parameter seems to increase with material crushability. The obtained findings could
provide further insights into the penetration mechanism under various gravity fields.
INTRODUCTION
Cone Penetration Test (CPT) is a versatile and reliable in-situ testing tool for site investigation and
determination of soil properties, attributing to its rapid application and continuous records along with
various sensors and experience-based knowledge (Lunne et al., 1997; Mayne, 2007; Robertson & Caval,
2010; Eslami et al., 2020). Since the CPT measurements and interpretation can be significantly affected by
the equipment, location, in-situ stress, temperature, operation and rate of penetration, among other factors
(Eslami et al., 2020), the current CPT data interpretation is highly relying on empirical methods, as
illustrated in the codes and standards (e.g. IRTP for CPT and CPTU, ISSMGE, 1998; CEN standard EN
ISO 22476-1, 2007). Although numerous attempts have been put into investigating the penetration
mechanisms, systematic study is still required to improve the precision and reliability of results based on
the CPT measurements.
Physical modeling of CPT has been vastly conducted in laboratories to explore the relations between CPT
data and soil parameters. The soil containers or chambers with limited sizes are often used to carry out
penetration tests under various soil and boundary conditions, while a miniatured penetrometer is always
desired to eliminate the boundary and layer effects, and to improve the testing efficiency. On the other hand,
miniatured penetrometers have also been widely developed and employed in practice, especially for shallow
penetration in off-shore and off-earth works.
To replicate the in-situ stress condition, calibration chamber tests are generally accepted as the main
approach to develop empirical but reliable correlations. However, the effects of stress gradient and ground
surface are not included in the calibration chamber testing. Geotechnical centrifuge modelling has the ability
of scaling down a full-scale prototype model to a small-scale centrifuge model, with replication of in-situ
stress field. Particularly, many researchers have conducted centrifuge modelling of the cone penetration test
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(e.g. Gui et al., 1998), and the repeatability and reliability of CPTs in the centrifuge have resulted in this
method becoming another option for laboratory testing.
It should be noted that centrifuge tests can only provide high g-level condition (i.e., gravity acceleration
larger than Earth’s gravity, N = gmod el / gearth > 1 ). Nowadays, physical modeling of geotechnical problems
under low gravity fields ( N < 1 ) is of interest to space and geotechnical engineers. The traditional
approaches to create the microgravity environments, such as parabolic flight aircraft, microgravity rocket
and drop tower, are not widely applied owing to their extremely high cost and the limited testing duration
(Johnson et al., 1970; Thomas et al., 2020), whereas the tilting method and the hydraulic gradient similitude
method can only be adopted when the additional body force or water pressure is negligible (Zou et al., 2015;
Dou & Byrne, 1996). A reliable and economical testing method for low gravity fields is still desired for
studies of geotechnical problems, and penetration under low gravity has gained more attention for in-situ
resource utilization in the space exploration. It is therefore desired to investigate the performance of cone
penetration test under both high and low gravity fields, which are jointly termed as unconventional gravity
fields (UGF).
This study attempts to develop correlations between soil properties and CPT data, following theoretical
analyses and considering the scale effects under unconventional gravity fields. Firstly, the reported
centrifuge results of CPT are compiled and compared, together with the penetration-induced soil
deformation. Quantitative relationships between soil and penetration under high g-levels are elaborated.
Secondly, a magnetic-force based low gravity model testing method is introduced to conduct penetration
tests in a type of crushable planetary regolith simulant using a miniatured probe. Thirdly, a cavity expansion
based analytical model is developed to analyze the penetration in granular soils under unconventional
gravity fields. Correlations between soil properties and CPT data are then proposed in consideration of both
gravity and scale effects. In association with methods from the literature, this study also aims to establish a
framework for CPT data interpretation and CPT-based foundation design.
HIGH G-LEVEL TESTS OF CPT
Centrifuge tests of CPT have been conducted widely to investigate the relations between penetration
resistance and soil parameters (Lee, 1990; Bolton and Gui, 1993; Mo et al., 2015). The normalised cone
resistance Q and normalised penetration depth Z are typically defined as:

Q=

qc - s v
s 'v

Z=

z
B

(1)

where qc is the cone tip resistance, s v and s 'v are the total and effective in-situ vertical stresses,
respectively, z is the model penetration depth and B is the diameter of the penetrometer. It is found that
higher g-level leads to larger normalised cone resistance at a given normalised depth, which is also termed
as the stress level effect. This was arguably attributed to the ‘enhanced tendency for crushing’ by Bolton et
al. (1999).
Penetration in layers of siliceous sand in a 50g centrifuge apparatus has been reported by Mo et al. (2015),
and the obtained data is reprocessed here to focus on the gravity effects on the normalised penetration
resistance. From the profiles of Q for various testing cases in Figure 1a, it is clear to note that soil density
is sensitive to the normalised penetration resistance, and denser soil tends to show a higher value of Q.
However, since the magnitude of Q is not reaching a constant value, even in a uniform sample, quantitative
analysis is difficult, apart from the notable layered effects. Each sample after 50g centrifuge testing was
then carried out with a 1g penetration test in a position with minimum boundary effects, and the
corresponding normalised penetration resistance is termed as Q1g.
The ratio between Q at an arbitrary g-level and Q1g is therefore taken to evaluate the gravity effect, noting
that a ratio of 1 represents the normalised penetration resistance in 1g (earth’s gravity) or no gravity effect.
Figure 1b shows the variations of Q/Q1g against Z for various testing scenarios. Apart from the surface
effect, the magnitude of Q/Q1g ranges between 0.1 and 0.7, validating the decrease of normalised penetration
resistance with increased g-level. Generally, the ratio is slightly higher for dense sand, while this trend is
still questionable owing to the significant fluctuation. When data of the smear zone around the sand layer
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interfaces (i.e. 2B above and below the interface) is neglected, the values of Q and Q/Q1g are presented in
Figure 2, with examination of the density effect. It can be concluded that Q increases with relative density,
whereas Q/Q1g is tentatively not affected by the relative density. The average magnitude of Q/Q1g is about
0.3 for 50g centrifuge tests.
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Figure 1. Normalised penetration resistance in layered soils in centrifuge and 1g tests.
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Figure 2. Effect of relative density on the normalised penetration resistance.
As reported by Mo (2014), Figure 3 shows the contours of cumulative and instantaneous displacements for
both 50g and 1g tests in dense sand. The total displacement after 120mm of penetration from 1g test shows
a slightly larger deformation zone. The soil near the surface is dominated by the heaving effect, and the
dense sand under a lower confining stress shows more dilatancy. Similar trends are also presented in the
cumulative contours (∆z = 6mm in subplots c and d), where the heaving effect in 50g test is more constrained
by the increased gravity.
The comparisons of the distributions of the normalised displacements (∆x/R, ∆y/R) are provided in Figure
4. The horizontal displacement for 1g test again shows larger distribution than that of 50g test. The
significant heave near the ground surface is evident in the distribution of ∆y. When the penetration goes
deeper, the vertical displacement in 1g test increases steeper to a larger profile. Hence, the sand in lower
stress condition has a larger deformation field with penetration.
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Figure 4. Soil displacement distributions with variation of penetration depth.
LOW G-LEVEL TESTS OF CPT
Extraterrestrial exploration has gained more attention in recent years, and the exploration has extended from
the Moon to Mars, aiming to conduct in-situ examination with planetary regolith. Penetration tests in Lunar
soil were firstly carried out in the Apollo 14 mission using a two-point penetrometer, and more tests were
performed in the Apollo 15 and 16 missions (Mitchell et al., 1974) and the Soviet Lunokhod program
(Leonovich et al., 1972). Glaser et al. (2008) reported a review of penetrometers and penetrating
technologies for subsurface access on comets and asteroids under low gravity environment, showing the
great influence of gravity field on the mechanical properties of subsurface materials.
Mo et al. (2019) developed a geotechnical magneto-gravity model testing method, and conducted a series
of CPT tests in a type of magnetic regolith simulant under various low gravity fields. It was also found that
Q decreases with the low g-level (Figure 5), which is similar to the trends of high g-level tests.
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Figure 5. Normalised penetration resistance under various low g-level conditions.
GRAVITY EFFECT OF PENETRATION RESISTANCE
In order to explore the gravity effect of penetration resistance, the trend of decreasing Q/Q1g with g-level is
described by using an exponential relation, following:

Q/Q1g =N a

(2)

where α is a single parameter to describe the gravity effect, which is clearly a negative value.
Equation (2) can then be applied to back-calculate the α value by nonlinear regression using the measured
data. Predictions are shown in Figure 6, for various penetration tests in granular material under
unconventional gravity fields. Figure 6a provides the centrifuge data of CPT in Leighton Buzzard sand
under 10~80g (Lee, 1990), and the dash lines are predicted by the nonlinear regression using Equation (2).
Noting that the back-calculated α value is about -0.383, and the R-squared R2=0.946 indicates the acceptable
performance of the prediction. The magnitude of α is also comparable with that from Mo et al. (2015).
Figure 6b shows the results of centrifuge tests of CPT in Fontainebleau sand under 40~125g (Gui et al.,
1998). Again, the regression applies well to the experimental data with R2=0.972, and the magnitude of α
decreases to -0.527, indicating a more significant degradation with g-level for Fontainebleau sand.
Jiang et al. (2018) investigated the gravity effect of CPT using a series of centrifuge tests in TJ-1 lunar
regolith simulant under 25~100g. The normalised penetration resistances and theirs estimations are depicted
in Figure 6c, showing that α=-0.551 and R2=0.98. To include the results of low gravity tests, penetration
data of Mo et al. (2019) under 1/6~4g are presented in Figure 6d. The resulting α value is about -0.799, with
R2=0.977 for the predictions.
It is obvious that the relation of Equation (2) can generally provide good prediction of penetration resistance
under various gravity fields. And the degradation parameter α seems to be related to the type of granular
material. The range of α varies from 0.3 to 0.8, and it presumably increases with the crushability of particles.
The predicted curves of Q/Q1g against g-level are presented in Figure 7, along with the range of measured
data. The results of low g-level in Figure 7b are also comparable to the predictions of DEM simulation by
Jiang and Wang (2013).
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CONCLUSIONS
Centrifuge tests of CPT have been conducted with high gravity to examine penetration through soil layers
with stress gradient, and penetration under low gravity has gained more attention for in-situ resource
utilization in the space exploration. This study aims to investigate the gravity effect of CPT. The reported
centrifuge results of CPT are firstly compiled and compared, together with the penetration-induced soil
deformation, demonstrating the gravity effects. For quantitative analysis, a ratio of normalised penetration
resistance is used to represent the gravity effect, and an exponential relation is proposed to describe the
degradation against g-level. It is shown that the proposed relation can generally provide good prediction of
penetration resistance under various gravity fields. The degradation parameter α ranges from 0.3 to 0.8, and
it presumably increases with the crushability of particles. The obtained findings have potential implications
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to the data interpretation of penetration under various gravity fields.
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INTRODUCTION
Clays are an important component of any geotechnical barrier system due to their low hydraulic
conductivity (Tang et al. 2021; Nahlawi and Kodikara 2006; Costa, Kodikara, and B.Shannon 2013).
However, most clays are extremely sensitive to seasonal moisture fluctuations and undergo a
hysteresis of expansion and shrinkage, leading to cracking. The desiccation cracking of clays alters
the containment efficiency of these systems, as the cracks can allow the migration of contaminants
through them. Researchers have found solutions to the desiccation of cracking of clays like
overburden pressure, moisture maintenance, chemical stabilization, replacement, and mechanical
stabilization (Puppala, Wattanasanticharoen, and Porbaha 2006; Miller and Rifai 2004;Phanikumar
and Shankar 2016). One of the most sought-after mechanical stabilization methods is fiber
reinforcement. In this method, the discrete fibers are randomly distributed in the clay matrix. The
resultant clay-fiber mix has modified engineering properties like shear strength, compressive
strength, hydraulic conductivity, and tensile strength. Unlike conventional geosynthetics, the fibers
avoid the formation of potential failure planes(Miller, Mi, and Yesiller 1998; Nelson and Miller
1992; Varsei et al. 2014). Studies have been done to determine the suitability of the fibers and their
optimum fiber dosage for the mitigation of desiccation cracks. Generally, the types of studies are
laboratory-scale studies (Divya, Viswanadham, and Gourc 2017; Viswanadham et al. 2011; Cheng
et al. 2020). More studies are needed to validate the efficiency of fiber reinforcement in reducing
desiccation cracking of clays.
Physical modelling techniques like geotechnical centrifuge testing are extremely useful in studying
problems like desiccation cracking, as the total time required to perform the field-scale test takes a
very long time. This study presents the desiccation cracking of fiber reinforced clay layer in a
geotechnical centrifuge. The effect of fibers with varying fiber geometry on the crack features was
measured and compared.
MATERIALS
Clay
The expansive clay used in this study was procured from a 1m at a construction site in Pune,
Maharashtra, India. Figure 1 shows the site location, photograph and scanning electron micrograph
of the expansive clay used in this study. The expansive clay was characterized for its physical
properties, as shown in Table 1 and classified as CH type, as per USCS.

(b)

(a)

Expansive clay from
Pune, Maharashtra
(c)
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Figure 1. Site location, photograph and scanning electron micrograph (at 5000x) of dry expansive
clay used in this study
Preliminary tests revealed that the clay is highly susceptible to desiccation cracking. However, the
hydraulic conductivity and mineralogical properties support the possible usage of this clay as a
barrier material.
Table 1. Summary of physical properties of expansive clay
Properties
Value
Gravel (%)
1
Sand (%)
5
Silt (%)
34
Clay (%)
60
Liquid limit (%)
87
Plastic limit (%)
38
Shrinkage limit (%)
20
Free swell index
120
(%)
Fibers
The physical properties of the fibers used in this study were obtained and summarized in Table 2.
The alkaline stability of the fibers was checked due to the slightly alkaline nature of the locally
available expansive clay. Polyester fibers were tested for their resistance against an alkaline
environment and possess excellent resistance(Chaduvula, Viswanadham, and Kodikara 2016).Also,
polypropylene (PP) is found to be highly resistant to alkaline conditions. Two types of PP fibers
were considered, viz. PP fiber and PP tape. PP fibers are single filament type with a trilobal crosssection with an effective diameter of 40 µm. The PP tape fibers have flat and rectangular crosssection with thickness, t = 2 mm. Figure 2 shows the cross-section of PP fibers, PET and PP Tape
fibers used in the study
Table 2. Properties of fibers used in this study
Properties
Unit
PP fibers
Specific gravity
0.90-0.91
Linear density
tex
0.4
Melting point
ºC
160-165
Tenacity
gram per deniera
4-6
Elongation
%
60-90
Alkaline stability
Very good
a
Denier is a unit of measure for the linear mass density of fibers

PET fibers
1.35
0.331
165
3.46
45
Excellent

PP Tape
0.91
0.331
160-165
5.45
18
Very good
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METHODOLOGY
Centrifuge modelling considerations
Centrifuge modelling allows the increase of self-weight by increasing gravitational acceleration,
which is equal to the reduction of the model scale and the reduction of time for model tests as the
scale is reduced (Schofield 1980). A dimensional analysis was performed for desiccation cracking
of an unreinforced and fiber reinforced clay layer of crack features as crack width (cw), crack spacing
(sc), crack depth (dc) and time of crack initiation (ti). A clay layer of thickness d and water content
w% is subjected to an ambient temperature (θ). The crack feature measurements depend invariably
on tensile strength of unreinforced soil (σur), the tensile strength of fiber-reinforced soil (σfr) and
permeability of the corresponding clay layer (k). The scaling factors considered for centrifuge
modelling are shown in Table 3.
= Constant

(1)

Table 3. Scaling consideration used in this study
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Geotechnical centrifuge equipment
In the present study, a small beam centrifuge at IIT Bombay is being used to model desiccation
cracking of clays. The maximum outer radius of the centrifuge is 490 mm. Summary of major
specifications of the small centrifuge and actual photograph of the small centrifuge facility at IIT
Bombay are shown in Figure 3. The test setup consisted of (1) An acrylic container for holding the
soil specimen, (2) a Heating system for inducing desiccation cracking in the soil specimen at high
gravities, (3) Image acquisition system for recording the sequential desiccation cracking of the soil
specimen.
Test procedure
In this study, consolidated soil specimens were used for carrying out the desiccation cracking tests
inside centrifuge at varying gravity levels. Oven-dried clay was crushed and passed through 425µ
IS sieve. Required quantities of dry clay and fibers were mixed to get a homogeneous mixture. Water
was slowly added to the clay-fiber mix and mixed with the help of a spatula to form a uniform mix,
as per the test program in Table 4. Adequate care was taken to avoid the accumulation of fibers. The
clay-fiber slurry was covered and left for homogenization for 24 hours. The slurry was poured inside
100 mm consolidation rings and allowed to consolidate in a consolidation setup. The captured
images during the test were analyzed in ImageJ software (Version 8, 2010, Abràmoff, Magalhães,
and Ram 2014). The prepared specimens were placed inside the geotechnical centrifuge and allowed
to desiccate at desired gravity levels to replicate theprototype dimensions.
Table 4. Summary of centrifuge tests
Test
Type
Fiber
Thickness of Gravity
Objectives
f%
l
legend
of fiber geometry
(mm)
clay layer
level (N)
dp = 2.46 m
FR7
PP
Trilobal
0.5%
12
82
Influence of
dp = 2.46 m
FR13
PET
Trilobal
0.5%
12
82
fiber type
dp = 2.46 m
FR14
PP-T
Flat
0.5%
12
82
FR- Fiber reinforced; PP- Polypropylene; PET- Polyester; PP-T- Polypropylene tape; dp –
prototype thickness; f- fiber content; l- fiber length; N= Gravity level or Scale Factor.

Figure 3. Details of the small balanced beam geotechnical centrifuge facility at IIT Bombay
RESULTS AND DISCUSSION
The influence of fiber type on the desiccation cracking behaviour of fiber reinforced clay was studied
by conducting tests on specimens reinforced with PP fibers and PP-T fibers. The clay was reinforced
with PP (Test: FR7) and PP-T (Test: FR14) fibers while keeping other parameters like fiber length
(l = 12 mm), fiber content (f = 0.5%) and clay layer thickness (dp = 2.46 m) constant inall the tests.
Table 5 presents the summary of the test results.
The influence of fibers in mitigating the desiccation cracking in clay layers is mainly by (a) Increase
in tensile strength, (b) Formation of microcracks, and (c) Bridging effect of fibers (Chaduvula,

210

Viswanadham, and Kodikara 2016). The reinforcing fibers help restrain the desiccation cracking by
proving a bond between the cracked soil mass and that is proportional to the area of reinforcement.
It is observed that the finer fibers with smaller cross-sectional area perform better in restraining
desiccation cracking by proving uniform distribution over the larger area under reinforcement. The
CIF of specimens reinforced with PP fibers was similar ~12.5%. The specimens reinforced with PPT fibers (thickness = 2 mm) exhibited higher crack intensity of 20.2%. As the fibers are relatively
thicker than the PP, PP-T fibers have lower volume distribution of fibers in a given cross section
area, owing to poor reinforcement and higher crack intensity.
Table 5. Summary of the test results
Test legend
FR7
FR13
FR14
a
Thickness of specimen
30 mm [2.46 m]
30 mm [2.46 m]
30 mm [2.46 m]
Fiber type-length
PP-12 mm
PET-12 mm
PP-T-12 mm
*Time of crack initiation, ti
6 min [28 days]
3 min [14 days]
4 min [19 days]
Cracking pattern
Narrow, shallow
Medium, shallow Medium, shallow
Norm. crack width, cw/d
0.03
0.021
0.049
Norm. crack spacing, sc/d
0.215
0.227
0.225
Norm. crack depth, dc/d
0.2
0.27
0.23
CIF (%)
12.6
12.2
20.2
CRR (%)
64
65.14
42.29
Avg shrinkage strain, εavg (%)
13.22
15.1
18.82
UR- Unreinforced; a prototype dimensions within the parenthesis; b not relevant/not used; *time in
prototype dimensions in parenthesis; CIF- Crack intensity factor; CRR- Crack reduction ratio
Parameters

The normalized crack width (cw/d) and the crack patterns at the end of the test are shown in Figure 4.
As discussed above, the specimens reinforced with PP (Test: FR7) and PET (Test: FR13) exhibited
narrow and fiber cracking, with model crack widths, cw of 1.02 mm and 0.64 mm respectively. The crack
patterns in specimens reinforced with PP-T (Test: FR14) were similar to that of unreinforced specimens,
with model crack widths, cw of 1.46 mm.

Figure 4. Variation of normalized crack width (cw/d) for fiber reinforced soil specimens reinforced
with varying fiber cross section type
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PP fibers were most effective in restraining desiccation cracking due to better distribution in clay
matrix (Divya, Viswanadham, and Gourc 2020). Also, PP being lighter in weight than PET fibers
(Specific gravity, Gs of PP = 0.91, Specific gravity, Gs of PET = 1.35), more volume of fibers are
found in a given mass of fibers, leading to better reinforcement of clay matrix. Further, it can also
be attributed to the triangular cross-section of the PP and PET fibers which facilitated improved
interlocking between the soil particles compared to the PP-T fibers with a flat surface and
rectangular cross-section (Figure 5). This was found in good agreement with the observations and
measurements in the desiccation cracking tests.

Figure 5. Cross section of cracked specimen reinforced with PP-T fibers [Test: FR14]
CONCLUSIONS
The present study studied the response of fiber reinforcement on desiccation cracking of clay
using centrifuge modelling technique. An attempt has been made to ascertain the influence of fiber
reinforcement and fiber type in the performance of clay reinforced with distributed fibers. Based on
the desiccation cracking tests inside the centrifuge, the following conclusions can be drawn:
• The fiber geometry plays an important role in the desiccation cracking behaviour of fiber
reinforced expansive clay.
• The CIF and CRR values for PP, PET and PP-T fiber reinforced clay layers of thickness,
dp = 2.46 m were 12.6% and 64%, 12.2% and 65.14% and 20.2% and 42.29%, respectively.
• The PP fibers were found to be superior in restraining desiccation cracking in the present
study. Although, the PET fibers performed almost like that of the polypropylene fibers.
• The PP-T fibers were inefficient in arresting the desiccation cracks due to their rectangular
cross-section and larger thickness.
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Horizontal drains (HDs), which are perforated pipes installed on subsurface, are widely employed as a
drainage improvement method to enhance the stability of slopes. Although there is a substantial effect of
the perforation arrangement (PA) of pipes and the envelope properties on the hydraulic performance of HDs,
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experiment, Lakruwan et al. (2021a) showed that, for the same perforation area, distributed small
the perforation arrangement (PA) of pipes and the envelope properties on the hydraulic performance of HDs,
perforations give higher discharges than large concentrated perforations. In this study, entrance resistances
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of different PAs, that are obtained from the results of the sand tank model experiment, show that the small
experiment, Lakruwan et al. (2021a) showed that, for the same perforation area, distributed small
distributed perforations have lower entrance resistances than large concentrated perforations. Furthermore,
perforations give higher discharges than large concentrated perforations. In this study, entrance resistances
the effect of the physical clogging of geotextile envelopes on the discharge of HDs is investigated by
of different PAs, that are obtained from the results of the sand tank model experiment, show that the small
continuing the sand tank model experiment, and the reduction in envelope permeability (EP) is obtained by
distributed perforations have lower entrance resistances than large concentrated perforations. Furthermore,
a finite element flow model (FEM). At the end of 180 min, discharges and EPs are reduced to a maximum
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continuing the sand tank model experiment, and the reduction in envelope permeability (EP) is obtained by
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satisfy only the filter requirements.

The water flow in the vicinity of an HD assumes a radial formation and the limited perforation area of an
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HD, which is approximately 1–3% of the total surface area of the pipe wall (Oyarce et al. 2017), causes
further water flow convergence towards the perforations in addition to the radial convergence (Stuyt et al.
2005). The head loss associated with this additional convergence is termed the entrance head loss (he), and
the associated resistance is termed the entrance resistance (αe) (Ernst 1954). According to Ernst (1954),
when Q is the discharge of the pipe per unit length (m3/s/m) and kenv is the envelope permeability (EP) or
the permeability of the geotextile envelope (m/s),
he =Q

αe

kenv ,

(1)

where αe is a dimensionless parameter that depends on the physical properties of the perforated pipe of an
HD, and varies with the PA. According to Eq. (1), αe is inversely proportional to Q for constant kenv and he.
In addition, discharges can be enhanced by having an envelope with high kenv values (Oyarce et al. 2017
and Nieuwenhuis & Wesseling 1979). Therefore, it is important to use a PA with low αe values and
geotextiles with high kenv values to achieve high discharges in HDs.
Lakruwan et al. (2021a) conducted a physical sand tank model experiment to evaluate the variation in the
discharge of HDs using six typical PAs that are commonly in landslide mitigation applications. They
concluded that a PA with small distributed perforations gives higher discharges than a PA with large
concentrated perforations. In this study, the variation in αe of these PAs is investigated by using the
relationships between he and Q obtained from the results of the sand tank model experiment.
The numerical analysis of Lakruwan et al. (2021b) showed the increment of discharges of HD pipes with
kenv and suggested the use of a geotextile with permeability, both perpendicular to the plane and in-plane,
higher than 500 times the permeability of the surrounding soil. However, the thickness of the geotextile
envelope has not been considered in either that study or in Eq. (1). Also, only few studies have explained
the effect of the geotextile thickness on the discharge of an HD. Although thicker geotextile envelopes
should generally give higher discharges than thin geotextile envelopes, the significance of the thickness of
a geotextile envelope on the discharge of an HD needs to be evaluated.
The efficiency of an HD generally decreases with time due to several reasons, such as reduction of initial
discharge due to the lowering of the initial ground water table with time, clogging of the filter screen, mineral
precipitation inside a pipe and root growth inside a pipe. (Lee 2013 and Martin et al. 1995). Clogging of the
filter screen is a major concern related to geotextile envelopes. Among the several types of geotextile
clogging mechanisms, physical clogging is the most common mechanism related to geotechnical
applications. Physical clogging consists of two phenomena: soil particle entrapment inside geotextiles
(internal clogging) and formation of a filter cake on the soil geotextile interface (external clogging or
blinding) (Miszkowska et al. 2017 and Veylon et al. 2016). Miszkowska et al. (2017) showed that physical
clogging can cause an approximately 85% reduction in the permeability of a geotextile after 180 min of
water flow under laboratory conditions. The reduction in geotextile permeability will cause a reduction in
HD discharge. However, the effect of physical clogging on the discharge of HDs has rarely been discussed.
In summary, the results of the physical sand tank model experiment followed by a numerical model study
were applied in this study to
1. establish relationships between he and Q for different PAs and to evaluate the variation in αe (by the
physical model),
2. evaluate the effect of the thickness of the geotextile envelope on the performance of HDs (by the
numerical model), and
3. analyze the effect of physical clogging on the reduction in the permeability of the geotextile and
discharge of HDs with time (by both the physical model and the numerical model).
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MATERIALS AND METHODS
Physical sand tank model experiment
Figure 1 (a) illustrates a cross-section of the 600-mm-long sand tank model selected for the experimental
study. Toyoura sand was filled to a depth of 400 mm from the bottom of the tank. The center of the 60-mmdiameter perforated pipe wrapped with a 3-mm-thick geotextile envelope was located 100 mm from the tank
bottom. Six types of typical PAs with perforation areas between 37.6 cm2 and 38.5 cm2 per meter length of
the pipe, were employed as shown in Figure 2.

(a) Experimental setup

(b) Procedure

Figure 1. (a) Experimental setup and (b) procedure

*CH – Circular Holes / LS – Longitudinal Slots / CS – Circumferential Slots
Figure 2. Perforation arrangements used in the experiments, cross-sections and plan views
After completing the sand filling, the tank was saturated by allowing the water flow from the bottom and
kept still for 24 hours for saturation. The top lid of the sand tank was then closed, and constant water
pressures of 20 kPa, 10 kPa, and 5kPa were maintained at the top of the sand tank. Readings of the five
piezometers and the weight of the discharge were recorded by two data loggers at 2 s intervals. After
completing the first run (Step 1) in the 2/3-LS and 2/3-CS PAs, water flow was allowed for 1 hr maintaining
atmospheric pressure at the top of the tank. The experiment was then repeated by applying the same constant
water pressures on the top of the sand tank and conducting the piezometer and discharge measurements.
This procedure was continued three times as Step 2 at 1 hr, Step 3 at 2 hr, and Step 4 at 3 hr (Figure 1 (b)).
The pore water pressure (PWP) measured by the five piezometers and discharges were applied to evaluate
the reduction in discharge with time.
Finite element numerical model
The PLAXIS 3D (CONNECT Edition V20) (PLAXIS 2020) finite element (FE) flow model, which was
developed and verified with the results of the physical model experiment by Lakruwan et al. (2021b) was
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selected for the numerical analyses in this study (Figure 3). The FE model is a representation of the physical
sand tank model. Model development and verification aspects are not discussed here.
The soil and geotextile are modelled as solid porous mediums. The outer wall of the HD pipe is modelled
as a closed boundary for the water flow, whereas the perforations are modelled as surface drains, which
allow outward flux when the water head in the solid domain is higher than the elevation of the perforations.
All other boundaries are closed boundaries except for the constant head boundary at the top, on which
constant 2 400, 1 400 and 900 mm heads were applied similar to the sand tank.
A parametric study was performed on the 2/3-CH PA to understand the effect of envelope thickness and
permeability on the discharge of HDs. The thicknesses of the nonwoven geotextiles available on the market,
which are used for HDs, typically vary from 0.5–6 mm. Therefore, the variation in the discharge of the 2/3CH with geotextile thicknesses of 0.5, 3.0 and 6.0 mm was evaluated for the relative EP (kr) range of 1–
200. When ks is the soil permeability,
k p = k qrs k t

(2)

Figure 3. FE flow model
The reduction in the geotextile permeability with time in the continued physical model for the 2/3-LS and
2/3-CS was evaluated by calibrating the permeability of the geotextile in the FE model to match the
discharges and PWP of the FE model to those of the physical sand tank model for each step. Subsequently,
the reduction in geotextile permeability was obtained.
RESULTS AND DISCUSSION
Effect of PA on entrance resistance of HDs (by physical model)
The piezometric heads on a horizontal line through the center of an HD have a log linear relationship with
the distance from the center of the pipe. This relationship can be extrapolated to determine the piezometric
head on the pipe wall that is similar to the entrance head loss (he) (Sekendar 1984). Sekendar (1984) and
Oyarce et al. (2017) employed this method to determine the he of an HD by sand tank model experiments.
Similarly, the values of P1, P2, and P3 (refer to Figure 1) are extrapolated to obtain he. Figure 4 presents the
variation in he and the discharges of each PA for three constant pressures on the top of the sand tank.
Following Eq (1), linear relationships passing through the origin were established for each PA. The entrance
resistances of the pipes were then calculated by multiplying the gradients of these linear relationships by
kenv (1×10-3 m/s). Table 1 presents the obtained αe values. The CH PAs and LS PAs have the lowest αe value
and highest αe value, respectively, whereas αe values for the CS PAs fall between these two values.
Moreover, the 2/3 PAs have lower αe values than the 1/3 PAs. Highlighting the effect of the PA on αe, the
αe of the 2/3-CH, which has the lowest value, is 3.5 times less than that of the 1/3-LS, which has the highest
value.
A comparison of the discharges of the PAs for a constant he value is more suitable for evaluating the
performances of the HDs. Therefore, discharges were obtained for he = 250 mm, as shown in Table 1.

217

Entrance Head Loss (he) (mm)

Compatible with the αe values, the CH PAs and LS PAs have the highest discharge and lowest discharge,
whereas the discharge values of the CS PAs fall between them. Moreover, the 2/3 arrangements have higher
discharges than the 1/3 arrangements.

700
600
500
400

he = 250 mm

300
200
100
0
0

50

100

150

200

250

300

Dischage (Q) (mm3/s/mm)
Figure 4. Relationships between he and Q for different PAs, and Q for he = 250 mm in different PAs
Table 1. Discharges of different PAs for he = 250 mm and entrance resistances
Perforation Arrangement
2/3-CH
1/3-CH
2/3-CS
1/3-CS
2/3-LS
1/3-LS

Discharge for he = 250 mm (mm3/s/mm)
247
145
124
93
78
71

Entrance Resistance (αe)
1.013
1.723
2.019
2.687
3.217
3.532

The CHs have small perforations distributed through the pipe wall, whereas the LSs have large
concentrated perforations. Concentrated perforations require more convergence of flow lines
towards the perforations than distributed perforations, which results in a higher αe than that for
distributed perforations. Dierickx (1980) and Gaj and Madramootoo (2020) suggest that
perforations that are smaller in size and higher in number have less resistance to water flow.
Therefore, lower αe values and higher discharges can be achieved in HDs by using small
distributed PAs.
Performance enhancement by geotextile envelope (by numerical model)

A parametric study by the FE model on the 2/3-CH PA was performed to evaluate the effect of
the permeability and thicknesses of geotextile envelopes. Piezometric heads on the P1, P2 and P3
locations, similar to the physical model shown in Figure 1, were obtained from the FE models,
and he values were calculated by extrapolating the log linear relationships, as discussed in the
previous section. The discharge was calculated as the summation of the outflow of the surface
drains. Next, he was plotted against the discharge values. Subsequently, discharge values
corresponding to an he of 250 mm were obtained, as discussed in the previous section.
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Q for he = 250 mm (mm3/s/m)
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Figure 5. Discharge of 2/3-CH with kr for geotextile thicknesses of 0.5, 3.0 and 6.0 mm

Figure 5 illustrates the variation in discharge with the kr values of the geotextile for different
geotextile thicknesses. The discharge can be enhanced by using a geotextile envelope with a higher
permeability than that of the surrounding soil. The discharge of the HD increases and the rate of
discharge increment reduces with kr. Thicker geotextiles have much higher discharges than thin
geotextiles. Compared to the 3.0-mm-thick geotextile, which is used in the physical model
experiments, 0.5- and 6.0-mm thick geotextiles have 31–54% lower discharges and 38–77%
higher discharges, respectively. Therefore, it is important to use geotextiles with a higher
permeability and thickness to achieve higher discharges in HDs. The effective opening sizes of
nonwoven geotextiles increase with an increment in the kenv, which raises the possibility of soil
erosion. In such situations, thick geotextile envelopes with a low permeability can be used to
achieve the same performances as thin geotextile envelopes with a high permeability, while
maintaining the filter requirements.
Effect of geotextile clogging (by both physical model and numerical model)
Figure 6 illustrates the discharges of the 2/3-LS and 2/3-CS by the physical sand tank model with time for
an he of 250 mm and the percentage of discharge from the initial discharge. The discharge has gradually
decreased with time. At 180 min (Step 4), the discharges are approximately 75% and 73% of the initial
discharges in the 2/3-LS and 2/3-CS, respectively.
The reduction in discharge was attributed to the permeability reduction in the geotextile envelope owing to
physical clogging. To determine the reduction in the geotextile permeability, the geotextile permeability of
the respective FE models were calibrated, such that the discharges of the FE models match with those of the
physical models for three applied constant pressures. The mean absolute difference (MAD) in the discharge
values between the FE model and the physical model was considered the response variable in the calibration.
{

x Fz

MAD = y|} y y ,
(3)
r
where yi is the simulated discharge of the FE model, xi is the measured value of the physical model and n is
the number of data points, which is equal to three. The variation in the MAD with kenv has a parabolic
relationship with a minimum vertex, and the kenv value corresponding to the minimum MAD value was
taken as the calibrated kenv value in each step (Figure 7). The kenv value in Step 1 is the original value of
1x10-3 m/s. The coefficient of determination (R2) of the discharges and PWP values at the five piezometer
locations between the FE model and physical model were calculated. The high R2, as presented in Table 2,
shows the accuracy of the results obtained from the FE models.
Figure 8 shows that the geotextile permeability has been reduced with time due to physical clogging. At 180
min, the geotextile permeability was reduced to approximately 64% and 54% of the original value in the
2/3-LS and 2/3-CS, respectively. This reduction in geotextile permeability caused the reduction in
discharges. The physical clogging of geotextiles depends on several parameters, such as particle size of the
soil, effective opening size of the geotextiles, internal stability of the soil, and exit hydraulic gradient, which
are not discussed in this study. Therefore, further studies are required to understand the clogging effect on
the discharge of HDs.
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Figure 6. Discharge reduction with time obtained from the physical model
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Figure 7. Variation in MAD of (a) 2/3-LS and (b) 2/3-CS for Step 2, Step 3 and Step 4
Table 2. R2 values of discharges and PWP between FE model and physical model for each step

Step 1 (0 min)
Step 2 (60 min)
Step 3 (120 min)
Step 4 (180 min)

2/3-LS
R2 of Discharges
R2 of PWP
0.998
0.853
0.997
0.851
0.999
0.816
0.995
0.876

2/3-CS
R2 of Discharges
R2 of PWP
0.995
0.853
0.997
0.929
0.998
0.903
0.996
0.899
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Figure 8. Variation in envelope permeability (EP) with time obtained from the numerical model
CONCLUSIONS
The following conclusions were obtained from the physical and numerical model experiments:
1. Small distributed PAs have less entrance resistances than large concentrated PAs. Therefore, higher
discharges in HDs can be obtained with small distributed PAs.
2. Discharges of HDs can be enhanced by using geotextiles with a higher permeability than the
surrounding soil as an envelope. Furthermore, the discharge increases with the thickness of the
geotextile. Therefore, it is suggested to choose thicker geotextiles with a higher permeability.
3. Discharges of HDs reduce with time due to a reduction in the permeability of the geotextile owing to
physical clogging. Therefore, geotextiles should be selected to minimize the effect of clogging. Further
studies are required to understand the influence of different parameters on the physical clogging and
discharges of HDs.
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Steel sheet-piles are often used for temporary construction, such as when constructing underground
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structures, and have the function of suppressing lateral displacement of the ground and ensuring
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stability. Although several construction methods have been proposedfor this method, each of them
has its problems, and new construction techniques are required to be developed. Therefore, a double
sheet-pile construction method has been developed. In this method, two sheet-piles are driven into
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type, beam type, and self-standing type. However, there are some problems about limited
construction space (Sugimoto et al. 1993), and needs sufficient space on the background of the sheet- pile
(Miyoshi et al. 2009), and cost (Eto et al. 2002). Therefore, to solve these problems, the doublesheetpile construction method has been developed. In this method, two sheet-piles are driven into the
ground with an interval between them, and the heads of the sheet-piles are connected. The concept
of the double sheet-pile method is shown in Figure 1. By connecting two sheet-piles, the sheet-pile
and the soil between them(inner soil) are integrated into one rigid object, which is expected to be
more than twice as rigid as a single sheet-pile. Some phenomena were clarified by experiments and
numerical modeling about this construction method. (Nasu et al. 2021)(Sugimoto et al. 2021)
However, there are still many unclear points, such as the effective construction condition and the
behavior in the ground, and there is the need to establish a more detailed evaluation method.
Therefore, model experiments and numerical modeling using the Discrete element method(DEM)
are the core subject of the research. In the model experiments, using 1/24 scaled model, an
excavation test was conducted and evaluate the effect of control displacement with the double sheetpile construction method. Moreover, to evaluate the effect of this construction method aspect of
numerical, reproduction analysis of this model experiment was conducted using DEM. DEM is the
numerical modeling method for analyzing the behavior of discontinuities, and it is most suitable for
reproducing the behavior and phenomena of granular material such as soil. In this paper, the
effectiveness of the double sheet-pile method is discussed by the results of scaled model experiments
and the results of numerical analysis with the DEM.
Rigidity of enhancement
by head fixing

Shear stiffness of inner soil
Frictional resistance between
two sheet-piles and ground

Figure 1 The concept of double sheet-pile construction method
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Figure 2 The size of experiment device for double sheet-pile
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SCALED MODEL TEST
Summary of scaled model test
In this study, the 1/24 scaled model test apparatus was developed. The experiment apparatus is
illustrated in Figure 2. The material of the experiment apparatus was aluminum and vinyl chloride,
and the model sheet-pile was made of polycarbonate. The model sheet-pile was selected from the
results of the horizontal loading test. The shape of the model sheet-pile was the wave, and in the
case of using two sheet-pile, the two waves were put so that they were on the opposite phase.
The model ground was made using vibration with Toyoura sand, and the relative density was
80%~82%. Initially, the head and the bottom of the sheet-pile were fixed and put in the soil box
center. Next, the ground was created. After that, one side was excavated at the depth of 300mm.
During excavation, the horizontal displacement was measured per 50mm excavating with a laser
displacement meter. Additionally, the top of the sheet-pile was loaded by the horizontal load
equipment, and the horizontal load and displacement were measured. The speed of horizontal load
is 5mm per minute.

Horizontal displacement (mm)

There were four cases to evaluate the effectiveness of the double sheet-pile method in this study,
single sheet-pile(Case1), double sheet-pile with no head fix(Case2), and double sheet-pile with the
head fix(Case3). Moreover, to increase the friction between the sheet-pile and inner soil, the
roughness of the surface in contact with the inner soil was increased on both the excavation side and
the backside of the sheet-pile(Case4).
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Figure 3 The relationship between horizontal displacement and Excavation depth
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Figure 4 The relationship between horizontal load and Excavation depth
Results and discussion
The excavate experiment results of the sheet-pile are shown in Figure 3, which is the displacement
of the head of the sheet-pile. When comparing with single sheet-pile case and double sheet-pile with
no head-fixed case, it could be seen that the double steel sheet-pile exerts displacement control effect.
Moreover, to compare with Case2 and Case3, the horizontal displacement at 300mm excavation is
reduced by about 1/6 to fix the head of the two sheet-piles. From these results, the use of two sheetpiles and the fixing of the head of the sheet-pile were considered to be effective in increasing the
strength of the sheet-piles as an earth retaining wall.
Also, to evaluate the effectiveness of friction between inner soil and sheet-pile, Figure 4 shows the
results of the horizontal load test. To increase the roughness of sheet-pile, the horizontal load
increased 21% compare with Case3. Thus, by increasing the roughness of the surface of the sheetpile, it is suggested that the friction between the surface of the sheet-pile and the inner soil was
increased, which increased the deformation control effect.
NUMERICAL ANALYSIS
Overview of Numerical modeling
In reproduction analysis of model experiments, the discrete element method was used. This
numerical modeling method can capture the main characteristics of granular material, which has
been increasingly attracting research interest in the geotechnical community since first
proposed(Cundall et al. 1979).
Figure 5 shows the model of reproduction numerical modeling with DEM. The size of the soil box
is the same as the experiment, and the size of granular material was 25 times larger than Toyoura
sand. Particle size distribution was fit with Toyoura sand, and the ground relative density is 80~82%.
In DEM analysis, first, sheet-pile and ground were made by particle. In this study, the sheet-pile is
made of particles with the Bonding model. This contact model can be used to connect particles by
assuming rod bonds between them and to use this model, the behavior of continuum material can be
represented as a collection of particles. (Potyondy and Cundall. 2004)
After making ground and sheet-pile, one side of the ground of the sheet-pile was excavated 300mm.
Finally, to evaluate the strength of the sheet-pile, the sheet-pile was loaded horizontal 40mm.
Tables 1 and 2 show the parameter of sheet-pile and ground particle. The horizontal load test for
sheet-pile and triaxial test for the ground particle on DEM was conducted to decide the parameter
for this numerical modeling.
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Comparison of the Results of Numerical Modeling with Results of Experiment
Figure 6 shows the results of the excavation experiment on DEM. It could be seen that the head
displacement after 300mm excavation was 1.8mm in the experiment and 1.7mm in the DEM, which
was a good representation of the experimental results. Moreover, the amount of displacement
increases when the excavation depth exceeds 200mm in both experimental and numerical analysis.
Also, Figure 7 shows the results of the horizontal loading test. When the 40mm load was applied,
the results were almost similar, 27N in the experiment and 26N in the DEM, indicating that the load
paths indicate a similar trend. Moreover, Figure 8 shows the sheet-pile deformation mode after
300mm excavation. The experimental and numerical results show a similar trend, indicating that the
deformation starts at about 200mm excavation depth. The front sheet-pile and the back sheet-pi

Fixed two
sheet-pile
Excavation
depth
300mm
Excavate 300mm on
the front of sheet-pile

Figure 5 The reproduction analysis of model experiment on DEM
show the same deformation mode, which suggests that the soil and sheet-pile behave in one rigid
body. In addition, to consider the displacement control mechanism of the double sheet-pile method
withthe aspect of numerical, Figure 9 shows the ground displacement after 300mm excavation. It
is
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Table 1 The parameter for sheet-pile for DEM
Parameter

Value
2

Young’s modulus(N/m )

5.0 ×107

Poisson’s ratio

0.25

Coefficient of Restitution

0.3

Coefficient of Static friction

0.5

Coefficient of rolling friction

0.3

Normal & Shear stiffness per unit
area

1.0 ×1010

Normal & Shear Strength

1.0 ×1013

Table 2 The parameter for granular material for DEM
Parameter

Value
2

Young’s modulus(N/m )

1.0 ×109

Poisson’s ratio

0.25

Coefficient of Restitution

0.3

Coefficient of Static friction

0.5

Coefficient of rolling friction

0.6

Experiment

0

100
200
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Figure 6 The results of excavation experiment
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Figure 7 The results of horizontal load test
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suggested that there is an active state area on the backside ground. On the other hand, the inner soil
moves horizontally, and this result suggests that the sheet-pile and the inner soil were integrated.
Finally, Figure 10 shows the axial force after 300mm excavation. In the shallow part of the
excavation, compression increased mainly in the front sheet-pile, and tension increased mainly in
the back sheet-pile. Also, the absolute values of the axial force of both front and back sheet-piles
gradually decreased with depth, and the front sheet-pile turned to tension below the excavation
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surface. Thus, these results suggest that the use of two sheet-piles in this method generates a pushing
and pulling resistance in the retaining wall, and this resistance contributes to the displacement
control effect.
CONCLUSION
This paper presents the model experiment and DEM simulation of the double sheet-pile construction
method. The model experiment was conducted using the 1/24 scale model and the excavation
experiment was did. In the numerical modeling, using bonding model to simulate the behavior of
sheet-pile, reproduction analysis of model experiment was conducted.
From the model experiment of double sheet-pile, it was found that fixing the head significantly
increased the displacement control effect. Also, the increase in friction between the sheet-pile and
the inner soil was effective in increasing the displacement control effect and increased the horizontal
bearing capacity by about 20%.
The behavior of the model experiment was confirmed numerically by DEM analysis of the model
experiment of the head-fixed double sheet-pile method. It was found that the inner soil moved
horizontally with the sheet-pile despite the failure of the backside ground. Moreover, from the
distribution of axial force, it is considered that the pushing and pulling resistance of the sheet-pile
contribute to the displacement control effect of this construction method.
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Foundations for solar power plants present unique design challenges, with large numbers of small,
closely spaced piles. These foundations have relatively low vertical loads and can be subjected to
high uplift and horizontal/moment loads from environmental agents. Since the piles are relatively
short, near surface climatic effects, such as seasonal ground freezing, can lead to heaving and
structural fatigue of the piles. In additional, since photovoltaic panels are connected together,
systems are not very tolerant to differential movement between adjacent supports that can take place
during both the freezing and thawing stages of seasonal ground freezing. A range of candidate
remedial foundation measures have been proposed; however these need to be validated and assessed.
This is being addressed in a study that will include centrifuge model testing. Prior to conducting
centrifuge tests incorporating piles and remedial measures, it is first necessary to ensure that
modelling techniques developed to simulate seasonal ground freezing replicate prototype conditions
appropriately. The results from a study of one-dimensional freezing tests conducted in a geotechnical
centrifuge reported in the literature have been evaluated analytically to determine the appropriate
parameters (such as drainage and temperature boundary conditions) to be used in the proposed series
of physical model tests. Predictions of the rate of frost penetration and resulting frost heave for the
range of boundary conditions applied in centrifuge tests during freezing were used to validate the
predictive model allowing this to be used to optimize the design of the centrifuge models. In order
to address scaling conflicts in the design of models, the analysis was also used to predict projected
uplift forces resulting from frost heave on both model piles and the equivalent prototype.
INTRODUCTION
Foundations for solar power plants present unique design challenges, requiring large numbers of
small, closely spaced piles. These foundations have relatively low vertical loads and can be subjected
to high uplift and horizontal/moment loads from environmental agents. Since the piles are relatively
short, near surface climatic effects, such as seasonal ground freezing and wind loading, can lead to
heaving and structural fatigue of the piles (Levasseur et al, 2015) In addition, since photovoltaic
panels are connected together, systems may not be very tolerant to differential movement between
adjacent supports, which can take place during the freezing and thawing stages of seasonalvariations.
A range of candidate remedial foundation measures have been proposed for use on solar farms,
however many of these need to be fully validated and assessed for long-term use, together
with their economic benefits. The type of physical modelling studies described in this paper will
form part of a future testing programme to address this issue (to be conducted in the Geotechnical
Centrifuge at Western).
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To design a testing programme for physical model tests incorporating piles and remedial measures,
it is first necessary to ensure that the techniques developed to simulate seasonal ground freezing in
the centrifuge models replicate prototype conditions appropriately. This requires the depth of
freezing and the resulting surface heave to be accurately estimated a priori, using either numerical
or analytical techniques, to determine the optimal design of the physical model tests. The rate and
depth of freezing, together with the resulting frost heave, are a function of both the thermal and
hydraulic boundary conditions and the material properties – such as the type of soil, together with
its thermal properties and water content. To accurately account for the range and complexity of these
variables, current methods for both analytical and numerical modelling of frost heave often require
a significant number of input parameters. Many of these have been found to be difficult to measure
and, therefore, they have to be estimated or back calculated through calibration analyses, e.g. Yang
and Goodings (1998a). Any lack of data or errors in estimation will obviously affect the reliability
of the results. Therefore, since the purpose of the analysis reported in this paper is to inform the
design of the centrifuge experiments only, high levels of accuracy are not required. Hence, a
pragmatic decision was made to investigate the rate of frost penetration and heave based on the use
of the well-established semi-empirical modified Berggren equation, Aldrich and Paynter (1953), as
this requires a relatively small number of well-defined parameters.
The assessment of this method was conducted by analysing the results of centrifuge tests reported
in the literature by Yang and Goodings (1998b). These experiments were designed to validate the
application of geotechnical centrifuge models for simulating frost heave in a series of highly
instrumented, one-dimensional freezing “modelling of models” tests conducted at different
centrifuge accelerations. These one-dimensional tests have been modelled and the predictions of the
rate of frost penetration and resulting frost heave for the range of boundary conditions applied in the
centrifuge tests during freezing were used to validate the method of analysis for this application
allowing the optimization of centrifuge tests of frost heave in future Western studies.
When a pile is located in soil that is subject to frost heave it will experience an uplift force during
freezing. Since the stiffness of ice rich soil is a function of strain rate (e.g. Ladanyi, 1972), the shear
stress mobilised at the soil pile interface will be a function of the rate of frost heave. This rate will
be significantly greater in a centrifuge model than in its prototype because freezing to a scaled depth
will take a fraction of the time than would be required at full scale. This means that there is a scaling
conflict if the conduction and advection scaling factor is used to model time. An analysis to predict
the consequence of this has been conducted to inform the design of centrifuge model tests of frost
heave on piles and provide a framework for the interpretation of the results from these.
PHYSICAL MODELLING OF FROST HEAVE
It is reported that the earliest application of geotechnical centrifuge modelling applied to soil freezing
and thawing was conducted by Pokrovsky and Fyodorov (1969). Since then the technique has be
used for a range of applications, such as heave of footings (e.g. Ketcham et al, 1997), pipelines(e.g.
Phillips et al, 2002), retaining walls (Ripley, 2004) and slopes (Zhang et al, 2018). To simulatefrost
heave in small scale physical models it is necessary for the rate of heat loss, rate of movementof
water within the freezing soil, and soil overburden effects to all be modelled correctly. Miller and
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Miller (1956) suggested that this could only be achieved using centrifuge models and later Miller
(1990) published a scaling analysis demonstrating the applicability of the technique for modelling
frost heave. An assessment of the applicability of these scaling laws was conducted in a series of
“modelling of models” experiments at centrifuge accelerations of 20g, 30g and 45g, by Yang (1997).
This study demonstrated that for all three scales there were similar extrapolated prototype quantities
of surface heave, depths of freezing, and resulting water contents.
ANALYTICAL MODELLING OF FROST HEAVE
Modelling the process of frost penetration into the ground and the resulting initial heave is highly
complex. Various theoretical models have been proposed to predict these phenomena, such as the
application of the Clausius-Clapeyron equation by Miller (1972) to develop the “rigid-ice” model
and the segregation potential theory proposed by Konrad and Morgenstern (1980). These and other
models have been incorporated into computer codes to predict frost heave, e.g. SSR Model,
Saarelainen (1992), and included in finite element programmes for the analysis of complex boundary
value problems, such as PLAXIS (Ghoreishian Amiri et al, 2016).
However, to provide accurate predictions these approaches require the determination of a significant
number of material parameters that, as has been highlighted above, have to be measured in laboratory
tests, obtained from calibration analysis or approximated from data reported in the literature. An
alternative approach is to employ semi-empirical methods to provide predictions of rates of frost
penetration and frost heave. This is the approach taken in this study, which is based on the method
proposed by Ladanyi and Foriero (1998) for predicting heave stresses acting on piles. This method
uses a function for the variation in surface temperature with time to predict frost penetration using
the modified Berggren equation and, assuming surface heave is approximately proportional to the
depth of frozen soil, employs empirical data values to predict frost heave.
CENTRIFUGE MODEL TESTS
The centrifuge model dataset used to validate the analytical modelling approach was created by
Yang (1997). A series of tests were conducted in which a hypothetical prototype profile that
consisted of a 3 m soil depth was subjected to surface freezing temperatures. For this open system,
the water table was maintained at two different depths (0.75 m and 2.25 m below ground surface),
to assess the effects on the soil heave. The soil columns were pre-cooled throughout their volume to
+3°C at 1g and then the soil surface was subjected to -3°C whilst “in-flight” on the centrifuge; during
this phase the base of the model column was maintained at +3°C. These temperature boundary
conditions were held constant for a prototype equivalent of 170 days. The temperature regime was
chosen to be similar to conventional laboratory frost heave/susceptibility tests and provided a
temperature gradient of 2°C/m, which is close to insitu gradients found previously in field
measurements, e.g. Konrad (1988). It should be noted that this type of “step-freezing” boundary
condition is not applicable for a freezing soil body in the field.
Soil temperatures were controlled using a combination of a vortex tube (Stone et al, 1996) and a
very thin, heating/cooling element that covered the upper soil surface. The variable temperature
element was micro-processor controlled and responded to a thermocouple embedded near the soil
surface, thereby maintaining the required surface temperatures. Both silt and clay soils were used
for the frost heave experiments, but due to space constraints only the silt tests will be described
herein. The silt soil was created using sieving of a ground quartz silica material and had a
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D10 = 0.003 mm, D60 = 0.023 mm and cu = 7.6 (well graded material), and compares closely with
“New Hampshire silt” which is frequently used at CRREL for frost susceptibility tests.
The silt soil was mixed at a water content slightly above the optimum water content and compacted
in five layers with a standard Proctor hammer, to achieve a dry unit weight just below the maximum.
The models were formed at three geometric scales - 1:20, 1:30, and 1:45, giving 1D soil columns
150, 100, and 67 mm high. Specimens were submerged for 48 hours and then the water table lowered
to the test levels using connected water reservoirs. The specimens were pre-cooled at this stage (to
+3°C). The specimens were then accelerated to the target ‘g’ level on the centrifuge and freezing
was begun. The durations of the tests ranged between 2 and 10 hours to achieve the prototype time
of 170 days. The soil columns were monitored for surface heave during freezing and were dissected
after freezing, to measure the frozen and unfrozen water contents. The samples underwent selfweight consolidation during the initial stages of freezing and this was assessed by conducting
separate consolidation tests. The results showed that 86% of the consolidation settlement occurred
before the initial upward heave was recorded during freezing and the remaining settlement was less
than 11% of the measured ultimate heave.
PREDICTION OF FROST HEAVE IN CENTRIFUGE MODELS
Method of analysis
As outlined above, the method originally developed by Ladanyi and Foriero (1998) to calculate
heave stresses on piles, was used to predict frost heave in the centrifuge models. In this method the
temporal variation in frost penetration is predicted using the semi-empirical modified Berggren
equation. This was developed by Aldrich & Paynter (1953) and is used widely in practice, e.g.
Canadian Foundation Engineering Manual (Canadian Geotechnical Society, 2006). The depth of
frost penetration at a given time, xo(t), is a function of the freezing index, If (t), as given by:
~ ^ = Ä %+ (^)

(1)

in which
Ä = 60Ñ

ÖRÜáà Q/,
â

(2)

where λ is the correction coefficient in the modified Berggren equation (e.g. Andersland and
Ladanyi, 1984); kav is the average soil thermal conductivity; L is the latent heat of fusion.
Since in the centrifuge models the surface temperature, T, was reduced to -3°C in a single step and
this value was then maintained throughout the experiment the freezing index, If (t), is given by:
%+ ^ = ã ∗ ^

(3)

To predict the rate of heave Ladanyi and Foriero (1998) adopted the finding of Saarelainen (1992)
who observed is field studies that surface heave, ss, is approximately proportion to the thickness of
the freezing layer, i.e.
#ç ^ = é ~) (^)

(4)

where K is the coefficient of proportionality.
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In the analyses presented herein, values of K were obtained from the measurements of surface heave
and depth of frost penetration at the end of the centrifuge model tests. Equation 4 then allows the
evolution of the rate and quantity of heave throughout the experiment to be predicted.
Comparison of Measured and Predicted Results
Predictions of the experiments reported by Yang (1997) and Yang and Goodings (1998b) were
conducted using the method described above. Material parameters for use in the analyses were
obtained or derived, as appropriate, from values measured or quoted by Yang (1997) and Yang and
Goodings (1998a), Table 1. Two series of experiments conducted using silt columns have been
modelled. In the first series, Group 3, the water table was located at a depth of 0.25H (where H is
the height of the soil column) and at a depth of 0.75H in the second series, Group 4. As indicated
above, in both series of experiments the ground surface was subjected to a step change in temperature
to -3ºC, which was maintained at this value for the full duration of each experiment. This boundary
condition was used to calculate the freezing index, If (t), in the modified Berggren equation in order
to predict the development of the depth of the freezing front with time for the two series of tests.
The results for both Group 3 and Group 4 are displayed in Figure 1, in which the depth and time are
plotted in prototype dimensions, and indicate that the freezing front moves at a faster rate through
the Group 4 samples. This is because the Group 4 samples (lower water table) had a lower average
moisture content than the Group 3 samples and, consequently a lower value of latent heat of fusion
(L), i.e. less energy was required per unit volume for the phase change from water to ice in the soil.
Table 1. Parameter values used in analyses of surface heave
Value
Group 3 tests
Average moisture content, %
28.0
Latent heat of fusion, L (MJ/m3)
149.632
Average soil thermal conductivity, kav (W/m.K)
3.724
Correction coefficient, λ
0.94

Group 4 tests
23.8
127.187
3.724
0.94

The effect of the location of the water table on the magnitude of the surface heave is demonstrated
by plotting the relationship between surface heave and depth of freezing for each group of samples.
The average values of the coefficient of proportionality between surface heave and depth of frost
penetration, K, obtained from the experiments, have been used to plot Figure 2. It is clear from these
results that the specimens with the shallower water table (Group 3) exhibited the greatest frost heave.
Combining this data with that in Figure 1 and following the assumption of Saarelainen (1992) that
the surface heave is approximately proportion to the thickness of the freezing layer, it is possible to
predict the rate of surface heave in the specimens.
Comparisons of the predicted and measured surface heave with time for the Group 3 and Group 4
specimens are presented in Figure 3 and Figure 4, respectively. Both figures also show the error bars
for the experimental replicates. Although the predicted rate of penetration of the freezing front was
greater for the Group 4 samples (see Figure 1), a comparison of the rate of surface heave in Figures
3 and 4 indicates that this was greater for the Group 3 samples. The probable explanation for this
observation is that, because the water table was higher in the Group 3 samples, during freezing the
samples developed a greater ice content than the Group 4 samples. The figures also show that this
behaviour was closely modelled in the predictions of surface heave with time.
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Figure 1. Predicted depth of freezing front
with time for samples in Groups 3 and 4

Figure 2. Predicted surface heave vs depth of
freezing front for samples in Groups 3 and 4

Figure 3. Comparison of predicted and
measured surface heave vs time for Group 3

Figure 4. Comparison of predicted and
measured surface heave vs time for Group 4

It is recognised that, since the coefficient of proportionality between surface heave and depth of frost
penetration, K, used for the predictions was obtained directly from the surface heave measured in
the experiments, the predicted and measured values of surface heave at the end of the experiments
should have similar values. However, comparisons between the temporal development of measured
and predicted surface heave in Figures 3 and 4 indicate very similar heave rates throughout the tests
and, therefore, provide confidence in the use of this semi-empirical method of analysis to optimise
the design of geotechnical centrifuge model experiments.
ANALYTICAL MODELLING OF PILE UPLIFT FORCES
Field studies (e.g. Johnson and Buska, 1988) have indicated that the uplift forces acting on a pile,
resulting from adfreeze shear stresses caused by frost heave, are a function of soil temperature along
the length of the pile, the displacement rate at the pile-soil interface and the nature of the interface.
A theoretical solution for predicting uplift forces based on these observations has been proposed by
Ladanyi and Foriero (1998). This method of analysis has been used in this study to compare the
predicted uplift forces acting on a model pile in a conceptual 1/10th scale centrifuge experiment with
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the uplift forces predicted in a full scale (i.e. prototype) pile located in the same soil as that used in
the model test.
Measurements obtained from a weather station located in a region of Canada (Sleepy Hollow,
Alberta) that is subject to seasonally frozen ground were used as the surface temperature boundary
condition in analyses to predict the temporal variation in frost heave forces acting on both model
and porotype piles during freezing and subsequent thawing. The annual temperature variation data
recorded at this station can be closely approximated in the analyses with a sinusoidal curve. For the
analysis of the proposed centrifuge model the time was scaled using 1/N2 (i.e. the scaling factor for
conduction and advection). The resulting temperature v. time curve is plotted in Figure 5 using both
the model and prototype scales.

Figure 5. Simulated daily temperature variation use in prototype and model analyses (based on data
for Sleepy Hollow, Alberta, Canada provided by Government of Canada)
The tangential uplift stress at the pile soil interface in heaving soils can be predicated using the
method proposed by Ladanyi and Foriero (1998). In this analysis the mobilised tangential stress,
èè@@,__ , at a depth ~~__ where the relative displacement rate at the pile soil interface is ë̇_ , is given by:

(5)
pile radius, n is the creep exponent, ì& an arbitrary reference shear strain rate and ^&,î; the shear creep
modulus that is related to the general creep modulus, and '&) temperature through:

(6)
in which ï is the absolute value of the negative temperature, ï) = 1°C, and w the experimental
temperature exponent. The parameters, n, w and '&) are obtained from laboratory element tests. For
the analyses reported herein typical values of these parameters for ice rich silt obtained from the
literature have been used (Andersland and Ladanyi, 2004) and these are given in Table 2. The radius
of the prototype pile is 4.45 cm and, hence, the mode pile radius is 0.445 cm.
Values of mobilised tangential stress, èó,; , acting on the pile are obtained using a number of time steps
and are integrated over surface area of the pile to obtain the uplift heave force. At each time step,
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the frost penetration and frost penetration rate together with the surface heave and heave rate, are
obtained using the method outlined above. Ladanyi and Foriero (1998) assumed that the frost heave
and heave rate decreased linearly with depth, i.e. being zero at the freezing front and maximum at the
ground surface. This assumption permits the relative displacement rate at the pile soil interface,
ë ë ̇_ _ (^ ^ ), to be calculated for each time step.
Table 2: Parameter values used in the analyses of pile uplift forces (Andersland and Ladanyi, 2004)
Parameter
Value
Creep exponent, n
3
Experimental temperature exponent, w
0.37
0.103 MPa
General creep modulus, ' ' d d 0
Using this method, predications of the variation in uplift heave force on the full-scale prototype pile
and a 1/10th scale model pile are presented in Figures 6 and 7, respectively. The analysis for the
model was conducted using model time. This was not scaled to prototype values because of the
scaling conflict between the time for conduction and advection processes, 1/N2, and the viscous
shear of the ice rich soil, 1/N, as discussed below.

Figure 6 Predicted time variation of uplift
heave force on prototype pile

Figure 7 Predicted time variation of uplift
heave force on model pile
N.B. Scaled values have been derived from model
data using the appropriate scale factor

Comparison of the plots in Figures 6 and 7 indicates identical trends in the variation of heave force
with time, but at different scales. In both cases the uplift force increases with time reaching a peak
shortly after the minimum daily air temperature is recorded. This time lag has been observed in field
tests, e.g., Cory and Reed (1965). Following this point the force decreases as the air temperature
rises. As would be expected, values of the heave forces predicted for the model pile are significantly
smaller than those for the prototype. The peak heave forces in the prototype and the model being
84.1 kN and 4.3 kN, respectively. The centrifuge scale factor for force is 1/N2 and in Figure 7 the
second axis displays the values of heave force scaled from the model predictions. This indicates that
the scaled peak heave force is 426.1 kN.
The difference between the prototype and scaled values of heave force is a result of the centrifuge
modelling scaling conflict. As presented in Equation 5, the mobilised tangential stress, èè@@,__ , at the
pile soil interface is a function of the shear creep modulus, èèdd,ïï__ , which, in turn, is a function of both
temperature and rate of strain. It is well established (e.g. Ladanyi, 1972) that the strength and
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stiffness of ice rich soil is a function of strain rate, with values of these properties increasing with
the rate of shear strain. The technique of centrifuge modelling has been demonstrated to model the
process of frost heave correctly (Yang and Goodings, 1998b). Therefore, since the amount of heave
is scaled correctly, in a model test containing a pile, the shear strains in the pile-soil interface zone
will be the same as in the full-scale prototype of the model. However, since the stiffness and shear
strength of frozen soil is a function of the rate of strain, these values will be higher in the centrifuge
model, in which the time to maximum heave force takes place in approximately a day, rather than
in the prototype which takes about 110 days (Figures 6 and 7). The result of this is that when the
model force values are scaled, as can be seen in these figures, the predicted scaled value of uplift
force is significantly greater (a factor of approximately 4 in this case) than the predicted prototype
value.
These analyses demonstrate that, because of the scaling conflict, it is not directly possible to compare
between uplift heave forces measured in a centrifuge experiment and those measured in the field.
However, the purpose of the proposed series of centrifuge experiments is to both conduct a
fundamental study of frost heave processes on piles and to assess candidate methods for minimising
frost heave resulting from uplift heave forces. Provided appropriate constitutive parameters and
strain rates are used in the interpretation of these experiments, then the technique of geotechnical
centrifuge modelling can be used for the proposed study. In addition, provided frozen soil parameters
at the rates of strain observed in the model tests are used, the results can be used to assess methods
to predict frost heave forces and displacements. Once validated these methods can then be applied
to field situations in which strain rates related to prototype time scales are used in the analysis.
CONCLUSIONS
A semi-empirical analysis based on the method proposed by Ladanyi and Foriero (1998) has been
assessed for its application for predicting heave rates in centrifuge model tests. This is to enable the
design of models to investigate frost heave on short piles supporting relatively low loads from solar
panels. The assessment was facilitated using the method to analyse results from a study reported in
the literature (Yang, 1997, Yang and Goodings, 1998b) that was conducted to investigate the use of
the technique of geotechnical centrifuge model testing for applications involving frost heave.
The results of the analyses indicate a good comparison between measured and predicted rates of
frost penetration and heave. They demonstrate that the method was able to predict the effect on heave
of the variations in the average moisture content and hydraulic boundary conditions observedin the
centrifuge model tests. The analyses also show that, despite a scaling conflict between the time for
creep strains and heat conduction, it is possible to conduct fundamental studies of frost heave
processes on piles and use these to validate methods of analysis. Therefore, the outcome of this study
provides confidence in the use of the semi-empirical analysis for the design andinterpretation of
centrifuge models of piles located in soil that is subject to frost heave.
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Disturbance encountered when testing soft soils both in laboratory and in-situ conditions makes the
determination of undrained shear strength, Su, very challenging. This paper introduces a new tool called
“Cylindrical Shear Tool” (CST) to measure the undrained shear strength of soft soils. Description of this
tool is given and the related shear test procedure is detailed. The proposed tool offers the advantage to avoid
the disturbance of soft soils prior to the related shear test. From recorded measurements, and based on
considerations of the existing shear tests, a specific method of determination of #$ is proposed. Experimental
programme included laboratory tests by using two sizes of the CST. The recorded results on a reconstituted
Tunis soft clay were compared with those obtained from direct shear tests, conducted on the same sample,
and to triaxial test.
INTRODUCTION
Determination of the undrained cohesion, Su, requires a particular attention due to the very low permeability,
colloidal and compressible structure of very weak deposits, particularly soft clays.
Sampling of soft clays induces an alteration of their structure that consequently affects the
strength parameters determined from laboratory tests. Therefore, the undrained cohesion, often depends on
the quality of the soil samples, (Bobei and Locks, 2013).
In this frame, researchers at the Geotechnical Engineering laboratory of the National Engineering School of
Tunis attempted to improve the accuracy of undrained cohesion measurement from the vane test by
proposing a limitation of the recorded torque. It consists of capturing the soil failure in the range of small
strains, Bouassida and Boussetta (1999). Later on, based on this condition which is applicable for all soft
soils (Bouassida, 2006), then Bouassida and Azaiez (2018) presented more details to suitably determine the
Su value.
In continuation to these efforts, seeking for a reliable Su determination, since 2016, Bouassida and Azaiez
(2020) came up with a novelty test capable of remedying limitations of the existing methods. The proposed
method was developed in the research project still in progress to suitably estimate the undrained cohesion
of soft soils.
Main objective of the present paper is to explain this novelty method to determine Su by the cylindrical shear
tool (CST) test. Reliability of the proposed method is ascertained by recorded data from the CST test
compared with measurements from the direct shear test (DST) and triaxial tests.
The paper, first, tackles the soil characterization, description of the proposed CST and instructions for its
use. Detailed experimental programme comprised CST tests, carried out on reconstituted Tunis Soft Clay
(TSC) samples. Then, the method of determination of undrained cohesion is explain ed with focus on the
soil-failure characterization.
Obtained results from the CST tests are compared to those recorded from direct shear tests performed on
the same soil sample and from UU triaxial data conducted by Bouassida and Boussetta (1999).
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STATEMENT OF THE PROBLEM
North and South Lakes of Tunis City are the most problematic construction sites, in terms of ground
conditions, due to the presence of deposited sedimentary soil of the recent quaternary age (Kaàniche et al.,
2000). Several contributions, including experimental and theoretical ones, were conducted at the soil
mechanics laboratory of the National Engineering School of Tunis, to investigate the study of Tunis Soft
Clay (TSC). Soil characterization, implementation of constitutive laws and improvement techniques were
reported (Bouassida 1996; Bouassida and Porbaha 2004; Touiti et al, 2009: Bouassida and Klai 2012, Frikha
et al, 2013, Jebali et al, 2017, etc.).
Based on this acquired background related to TSC, for the present study, it is obvious to suggest a novelty
method of determination of the undrained cohesion. Hence, one can expect obtaining results and judge their
reliability after comparison of CST test results with previous results suggested by other methods.
RECONSTITUTION OF TUNIS SOFT CLAY (TSC)
Soil reconstitution comprises the preparation of specimens and their consolidation in specific cells.
Experimental investigation started with sampling a TSC block extracted at 35 m depth at J. Jaures Avenue
in Tunis City. Grain size distribution indicated that dimensions of 98 % particles are lesser than 80 µm
(Jebali et al., 2017).
In order to guarantee both the saturation and weak consistency of the reconstituted soil, the fraction of fine
particles of dimensions lesser than 100 µm hydrated at a water content equals 1.25 to 1.5 times its liquid
limit. Final step comprises fill in and smooth vibration of this slurry in a consolidation cell. This typical
reconstitution procedure provides obtaining TSC sample with a uniform soil texture and well-controlled
physical parameters, especially its water content (Bouassida, 1996).
The consolidation cell made up of epoxy resin material is of inner diameter Din= 19 cm, and height Ht = 45
cm. Figure 1 illustrates this cell mounted to the loading frame to ensure the consolidation of reconstituted
soil (Tounekti et al. 2008).
Table 1 shows the recorded parameters of reconstituted TSC. Incremental applied load to the consolidation
cell produced a vertical stress equals 30 kPa. Worth noticing that physical parameters of reconstituted TSC
in the present study are quite similar to those proposed by Bouassida and Boussetta (1999).
Figure 1 Consolidation of Tunis Soft Clay

Especially, the plasticity index of the two tested reconstituted soft soils corresponds to a high plastic clay.
Besides, due to the recorded negligible undrained friction angle, TSC is a purely cohesive of undrained
cohesion less than 12 kPa.

Table 1. Geotechnical parameters of reconstituted Tunis soft clay
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Parameters

Present study

Bouassida and Boussetta (1999)

Total unit weight (kN/m )

16.98

16.6

Water content (%)

51.3

51,0

Specific gravity

2.77

2.64

Liquid limit (%)

55.0

73.0

Plasticity index (%)

27.4

47.0

Consistency index %&

0.14

0.47

Consolidation stress '& (kPa)

3

30.0

-

Undrained cohesion (kPa)

-

8.0

Undrained friction angle (°)

-

3.0

TESTING METHOD
Figure 2 displays the Cylindrical Shear Tool (CST) having a quite similar shape of the Shelby tube sampler.
The CST, as designed, provides the measurement of undrained shear strength, straightforward, in
comparison to existing testing methods, especially for soft soils (clays). Note that, soil disturbance does not
develop prior to the beginning of the shear phase.
CST Description
The design of CST considered two different sizes: a small size tool and a big size tool denoted SST and
BST, respectively (Figure 2). The BST, has an outer diameter Dout = 63.55 mm and an inner diameter Din =
60.50 mm whilst the outer diameter and inner diameter of the SST are Dout = 38.0 mm; Din= 35.20 mm,
respectively. The proposed tool is a thin hollow cylindrical tube with sharpened tip over a short distance d0
=5 d0=5mm. Such a shape facilitates the penetration of the CST into the soft soil, at a prescribed vertical
displacement rate, over a distance: () ≤ ( ≤ (+ (Figures 3a, 3b & 3c). Figure 4 shows the Cylindrical Shear
Tool [1]; it comprises two main parts; a hollow cylinder [2], to shear the soil, fixed to a piston [3] that
constitutes the second part of the CST.
The annular ring [4] is composed of an inferior disk [6] that seals the upper side of the hollow cylinder
from inside. Superior disk [7] of a diameter equals to the outer diameter of the hollow cylinder, prevents
the piston sliding into to the hollow cylinder.
The piston is fixed to the hollow cylinder thanks to three headless socket screws fixed within three equal
bows around the inferior disk [6], (Bouassida and Azaiez, 2020). The piston [3] transmits the soil reaction
against the imposed rate of vertical displacement by means of headless socket screw, [5], fixed to the load
cell recorder.
.

Figure 2 Proposed tool designed in two different
sizes; SST (right side) and BST (left side)

Figure 3 CST procedure (a) Positioning of the
Cylindrical Shear Tool
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Figure 3 CST procedure (b) Initial tool
penetration (Before measurement)

[7]
[1]

Figure 3 CST procedure (c) Final tool penetration
(End of measurement)

[3]

[5]
[4]

[6]

[2]

Figure 4 Components of the proposed tool

Detailed Procedure of the CST Test
For implementing the proposed test, the cell C1 was cut into three equal portions. On both sides of each
portion, the proposed undrained shear test using the CST was carried out. The upper and bottom sides of
the obtained portions 1, 2 and 3 are denoted 1US, 1BS, 2US, 2BS, 3US and 3BS, respectively.
On the top and bottom sides of each portion, two CST tests were performed by using the SST and one test
by the BST. Figure 5 depicts the locations of those tests. Note that recorded results by the CST came from
tests performed on the second and third portions of reconstituted samples.

Figure 5. Locations of CST tests performed on a side of sample portion
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d1 = Distance between CST and a portion border of 1.5 cm to 2.5 cm
d2 = Distance between two CST tests performed with the SST: 4 cm to 5.5 cm
d3 = Distance between two CST tests performed with the SST and BST: 4 cm to 5 cm
Figure 6 shows the whole CST test apparatus (5) and measurement-assessing transducers (3) and (4)
mounted to the loading frame of the triaxial tests (2). The CST fixed in the current position of the
conventional loading frame of the triaxial test, penetrates the sample at a uniform vertical displacement rate
applied by the moving base platen fixed to the motor drive of the triaxial apparatus.
Figure 6 displays an s-type load cell (3), of 2 kN capacity, that records the developed vertical force P
balancing the soil resistance when the CST penetrates the sample.
Figure 6 also shows a displacement transducer “4”, VJT0271 of 25 mm travel distance, to record the
displacement of the CST when pushed upward to the sample. A GDS lab software controls all data
acquisition. Prior to the test, one checks, on the motor drive that the prescribed displacement rate of 1.25
mm/min satisfying the undrained shear condition. After checking the GDS lab connection, the CST test
starts by the penetration of the sharpened tip of the CST into the sample, and then follows the re-initialization
of all transducers reading to zero to pursue the CST test.
Intact specimens extracted from the two portions of the consolidation cell served to conduct direct shear
tests (DST).

Figure 6 Complete mounting of the CST and measurement accessories of the triaxial load frame
METHOD OF SU DETERMINATION FROM THE CST TEST
According to the French standard, NF–P 94, from the direct shear test, soil resistance is determined in the
range of a horizontal displacement less than or equal to 5 mm in absence of the peak of load-displacement
curve. Therefore, the soil-failure shear strength requires a limitation on the horizontal displacement of the
shear box. Westerberg et al. 2015 also proposed a limitation, to estimate the undrained shear strength from
the direct shear test, by setting at a maximum distortion angle of 15 radians and adopting the maximum
value of Su recorded between 10 and 15 radians.
In this study, the direct shear test served as a referential to calibrate empirical factor for determining the
undrained shear strength from the field vane test, cone penetration and fall cone tests.
Further, establishing a limitation on the vane rotation, as suggested by Bouassida and Boussetta (1999),
shall allow a correction method for the vane test, which applies for any type of soft soil. Indeed, the proposed
correction factor, proposed earlier by Bjerrum, revealed non-applicable to not overestimate the undrained
cohesion of Japanese marine clays (Tanaka, 1994). Later on, Bouassida and Azaiez (2018) implemented
the same approach to interpret in-situ vane test data, then, a limitation on the rotation of the vane apparatus,
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in a prescribed range revealed satisfactory to avoid the overestimation of undrained cohesion of river
sediments.
When running the CST test, the imposed rate of vertical displacement (penetration d) is identical to the
imposed rate of horizontal displacement during the direct shear test. From Figure 7, the sample
,distortion (shear deformation) is equal to
.
./01

Zoom in

:;<>
2
d

Figure 7 Similarity of shear strains during the DST and the CST
Based on this consideration, when running the CST test, a limitation of the tool penetration should apply to
measure the ultimate vertical force Pult, and then, to determine, safely, the undrained cohesion. Hence, the
mobilized soil shear strength does not always correspond to the peak of stress-strain (or force-displacement)
curve recorded from any shear test (Bouassida, 2006). Worth noted that limitation of the penetration, d, of
the CST into the soft soil also applies for the sheared soil-CST contact area:

Ash = p (Din + Dout) d

(1)

The developed shear strength over area Ash depends on the adhesion and frictional angle of the interface
existing between the CST and penetrated soil. In undrained condition, for soft soils (e.g. soft clays) those
interface failure parameters reduce to the undrained cohesion, since their undrained friction angle is nearly
zero. Table 1 confirms this property for Tunis soft clay.
Recorded vertical force 2 versus the CST penetration d of tests carried out on the second and third portions
of the consolidation cell results in curves with a shape identical to the example of evolution of P versus d
illustrated in Figure 8 as recorded for the third portion of C1.
From the obtained curves, the ultimate force Pult to consider for estimating the undrained cohesion of tested
soft soil Su, is determined following the construction method depicted in figures 8. Pult value corresponds to
the starred dot intersecting the first non-linear portion of the force-penetration curve and the asymptotic
quasi-linear portion of this curve. Considering the captured value Pult from P evolution to the CST
penetration d, and taken account of Eq (1), the calculation of the undrained cohesion follows from Eq (2) in
which dult denotes the penetration corresponding to the captured Pult value on the force-penetration curve
shown in Figure 8.
#$ =

4561
7 ./0 8.951 -561

(2)
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INTERPRETATION OF RESULTS
Are considered recorded results from, first, CST tests carried out in the cell where the consolidation of TSC
occurred under 30 kPa vertical stress; and, second, results of DST performed on extracted samples from the
consolidation cell. Table 2 presents the recorded ultimate vertical force Pult and corresponding estimations
of Su from CST tests and results of DST all carried out on sample portions obtained from the reconstituted
soft soil in the consolidation cell.

Figure 8. Variation of the vertical force 2 vs the penetration d in the third portion of the consolidation cell
'c = 30 ?2@
Assessment of the proposed method to determine the undrained cohesion of TSC from the twelve performed
CST tests in the consolidation cell is processed. First, one determines the average of Su values obtained by
the CST tests performed on each side of a cell portion. Table 2 displays those values, i.e. 9.43 kPa, 12.51
kPa, 7.91 kPa and 9.16 kPa.
Second, one consider two Su values recorded from three performed DST on samples cut from the
consolidation cell (Table 2). Then, using Eq. (3), follows the calculated relative error percentage between
averaged Su values determined from data recorded by the CST and the DST.
A#$ =

B5 CDE FB5 GDE

(3)

B5 CDE

One notes that the recorded values of undrained cohesion Su are in a better agreement with those recorded
for the second portion, than for the third one, of the reconstituted soft soil. Those Su values were in the range
8.72 to 12.41 kPa and from 7.2 to 11.38 kPa, respectively.
In the second portion, i.e. located at the middle of the consolidation cell, DST results underestimate those
obtained by the CST by 0.79% that is negligible for estimating the Su values.
Further, from Table 2, the determined Su values by the CST are very comparable to those determined from
the direct shear test (DST). In fact, for the soil portion 2US, the ratio
agreement between the DST and CST test results.

B5 GDE

B5 CDE

= 1.01 that indicates a good

In the third portion, i.e. located at the bottom side of consolidation cell, DST results overestimate those
obtained by the CST in the range 12.8% to 24.7% that is non-negligible since Su values are quite small. It
corresponds to an average ratio

B5 GDE

B5 CDE

= 0.82. Such a relative difference between Su values is acceptable

when measuring the undrained shear strength (Van Impe and Verastegui, 2007).
One can adopt an average Su value from results of all tests carried out by the CST over the entire height of
cell
(Table 2). Indeed, for the purpose of comparison, the height of reconstituted sample in this cell, of 45 cm,
is nearly equal to the length of a Shelby tube to obtain intact-cored soil specimens.
Measurements from the proposed DST herein, summarized in Table 2, led to values of average Su equal to
9.4 kPa and 10.5 kPa in the second and third portions of consolidation cell, respectively. It resulted a first
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average value SuDSTCM NOP = 9.9 kPa for the overall reconstituted soil within the consolidation cell. From the
latter, it follows an average value from CST tests: SuCST= 9.8 kPa that is in good agreement with the average
Su value recorded from DST data.
Table 2. Recorded Su by the CST test and DST performed on a reconstituted specimen.
Comparison of CST and UU Triaxial Test Results
Figure 9 shows undrained cohesion values from unconsolidated undrained triaxial (UT) tests, performed on
initially consolidated TSC specimens at different values of consolidation stress, i.e. 10 kPa, 30 kPa and 55
kPa (Bouassida and Boussetta, 1999). This figure also displays the average undrained cohesion proposed
from the CST tests run on three portions of the consolidation cell subjected to 30 kPa. It is noted the good
agreement between the undrained cohesion values of specimens consolidated at 30 kPa, i.e. with negligible
relative difference is: A#$ =

Q).)RSFT.SU
Q).)RS

= 3.34%.

One can argue this interesting finding by two facts. First, the reconstituted TSC samples of the present
experimental program came from soil extraction at Jaures Avenue in Tunis City.
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Figure 9 Variation of recorded #ef vs consolidation stress.
Whilst, Bouassida and Boussetta (1999) investigated, TSC samples extracted from the south Lake of Tunis.
Those two sites, located in nearby areas of Tunis City, belong to the same geological era and clay deposit.
Second fact, is the assessment of the proposed method of determination of Su from the CST test results. It
reveals that this method of determination is justified since it provides quite similar values of the undrained
cohesion determined from undrained triaxial tests. Noted that the two reconstituted TSC specimens have
equal water contents, i.e. 51.27 % and 51.0 % (Table 1).
CONCLUSIONS
The present paper dealt with the determination of the undrained cohesion of soft soils using the called
“Cylindrical Shear Tool” (CST). The merit of the novelty designed CST was to avoid the soil disturbance
that often occurs before the commencement of existing in-situ tests (e.g. vane shear, pressuremeter, etc).
Main findings of this research-development work follow.
Conducted experimental program, first, included the reconstitution of Tunis soft clay samples in a
consolidation cell. Second, followed a detailed description of the CST, designed with small and big sizes.
Procedure of the shear test using the CST was introduced, then, followed by shear tests by the CST were
performed on reconstituted TSC samples.
Using existing TSC data, i.e. undrained cohesion determined from direct shear tests (DST) and triaxial tests,
the assessment of CST tests results was proceeded. Main finding is CST tests results could underestimate
the DST results with a relative difference of 24.7%.
Measured undrained cohesion is independent from the CST diameter. The above primary findings,
suggested from CST investigations, need further assessment by testing other types of soft soil.
Nonetheless, advances by the CST are in progress to determine the shear strength of other soil types.
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ABSTRACT: Large scale model tests are performed to investigate how much the hydraulic flow resistance
of a canal bottom can be increased by applying a slurry mixture on the bottom. The increase of the flow
resistance is of importance when leakage from the canal to the subsoil leads to locally increased water levels
and can endanger the stability of slopes. A significant permeability reduction appeared possible with a slurry
mixture that consists of sand and bentonite. However, crack formation in the slurry led to an increase of the
permeability after initial reduction. The influence of a single crack on the flow resistance is calculated.
INTRODUCTION

The dredging that goes with widening and deepening of canals leads to increased permeability of
their sandy bottoms, which may cause leakage in stretches where the canal level is higher than
adjacent land, causing risks like piping, bank instability and drowning of farmland and water
nuisance in urban areas like wet cellars. Fines that have migrated from the canal into the sand
are removed and the permeability of the remaining sand without fines is significantly higher than
the permeability of the original bottom.
To reduce the permeability of the bottom or, more precisely formulated, increase its flow
resistance, it is proposed to use a bentonite-sand slurry sprayed under water that penetrates the
sand or forms a low permeable layer on top of the original bottom. Already some years ago, in
2013, Van Heteren contractors had performed the initial engineering of the necessary equipment
to increase the flow resistance of a leaking bottom of the Almelo-de Haandrik canal. For more
general application a testing programme was run. After initial 1-dimensional column testing, it
was decided that to test the feasibility, and larger scale tests were necessary, especially for a
sloping bottom. These tests were performed in a basin of 5.5x7x2.5m. One side of the basin has
a wall with glass windows and allows to see the slurry flowing over the sandy bottom and the
evolution of that slurry afterwards. An impression of the test set-up is shown in Error!
Reference source not found.. The primary research question for these tests was: Is it possible to
increase the flow resistance of the canal bottom to 60 days, as is explained in Section 2.
The paper will describe the details of the test and the results. The results made it necessary to
investigate the influence of a crack on the flow resistance, since cracks were noticed in one of
the tests. Results of that investigation will also be described in the paper.
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PERMEABILITY AND FLOW RESISTANCE

Geotechnical engineers are familiar with the permeability of soil, given in metres per second, but
may be a bit less familiar with the flow resistance given in ‘days’ as is used in geo-hydrology.
The permeability is used to characterize the flow properties of one layer, the flow resistance is
used to characterize the flow properties of one or more soil layers. Assume a permeability test as
shown in Figure 2.

k1 D1
H
k2

Figure 1. Overview of the test location.

D2

Figure
2.
Sketch
permeability test

of

In the permeameter are 2 different soil layers with known thicknesses (D1 and D2) and
permeabilities (k1 and k2). Since the specific discharge q is the same through each layer, it can be
derived that:

H D1 D2
=
+
q
k1 k2

(1)

With q the specific discharge and H the head difference over the two soil samples. Both terms in
this equation have the dimension of “second”. In geo-hydrology the right-hand term is called the
flow resistance and the dimension “days” is used since this results in more convenient numbers
than the dimension “second”. If thicknesses of the layers are known, the flow resistance and
permeabilities can be calculated with Eq. (1). However, quite often H and q are known from
field measurements without knowledge of D and k of the different layers and then the flow
resistance is a useful parameter. To give an idea of the order of magnitude, a layer of sand of 1
m with a permeability of 10-4 m/s, has a flow resistance of 104 s or 0.12 day.
In the tests a flow resistance of 60 days is required, which means an increase of 500 in the flow
resistance, compared to that of 1 m sand with a permeability of 10-4 m/s.
TEST SETUP

The test setup is sketched in Figure 4. The basin was partly filled with 1 m sand and there was a
slope 1:3 on one side. The sand was poorly graded S60 sand with a d50 of 230 µm, see also
Figure 3.
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Figure 3. Grain size distribution of sand used.
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Drainage tubes at the bottom of the basin provide the possibility to reduce the hydraulic head at
the bottom while the head above the sand was kept at a constant level. This simulates the
situation that the water level in the canal is higher than the groundwater level in the sand around
the canal.
By using submerged pumps and tap water it was possible to keep the water levels on the desired
levels. The water flow through the drainage system was measured continuously by an electric
scale. Pore pressure gauges measured the pore pressures in the sand at various locations, see also
Figure 4. During the test a slurry mixture of fine sand and bentonite was injected on the sand bed
by means of a hydraulic crane and an injection system. When the slurry reaches the bottom, it
flows to the lowest points as a density current, see Figure 5, taken with a submerged camera at
the beginning of a test.
Two tests were performed, one with a water level difference (top minus bottom) of 1.5 m and
one which started at 1.0 m and this was reduced to 0.5 m. Before slurry is applied, the
permeability of the sand appears to be too high to create the desired water level difference.
However, 0.5 hour after the start of the slurry application, the permeability of the sand with
slurry was reduced and the desired head difference was reached. Total test duration was
approximately 190 hours for the first test and 270 hours for the second test.
Sand and slurry samples were taken after the tests to investigate whether the mixture had
penetrated the sand or a resistance layer was formed on top of the sand.

level meter

submersible
pump
tap
water

slope

drainage tubes

tap water

Collection tube
and suction point
drainage

submerged pump

Figure 4. Sketch test setup. cross section and top view.

Figure 5. Start of slurry application.

RESULTS AND DISCUSSION

First test
Slurry was applied at the start of the experiment and approximately 3 hours, 23 hours and 25
hours later. In total 4.6 m3 slurry was used.
In this paper it is focused on the increase of the flow resistance as a function of time. There is an
unconsolidated layer of slurry that consolidates due to the head difference over the setup. Since
the permeability of this consolidating layer is much lower than the permeability of the sand all
head loss is over this layer, as was also found from the pore pressure measurements. This can be
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seen as a normal consolidation as described by Terzaghi (1996), or as a layer by layer increase
of the impermeable layer as described by Bolton (1997) for cement. In both cases, it can be
expected that the flow resistance increases with the square root of time (Domes, 2015). In the
beginning of the first test, this was the relation that was found, see Figure 6.
However, after 22 hours of testing, again slurry was applied. This led to a different increase of
the resistance in time. Nw a more or less linear increase was found. This would mean that the
slurry layer becomes thicker and less permeable at the same time. It may be possible that the
second application leads to some segregation of the sand and the slurry and that this slurry
without sand is compressed by the head difference leading to a lower permeability (Xu and
Bezuijen, 2019). 135 hours after the first slurry application a resistance of 200 days was reached,
well above the 60 days required.
After the test, it appeared that the sand-bentonite mixture did hardly penetrate in the sand that
simulated the canal bottom in the model test.

Second test

In the second test, compared to the first one, the amount of slurry used was reduced to 2.5 m3 in
total. The application of the slurry occurred in 2 sessions half an hour apart. The head drop, over
the slurry and sand, was 1 m water column during the first 180 hours of the test, then the head
difference was lowered to 0.5 m for the remaining 90 hours of testing.
The result of this second test was quite different from the first test, see Figure 7.

Figure 6. First test. Increase of flow resistance
as a function of time and comparison with a
square root increase. w is the flow resistance in
days when t is given in hours according to the
blue line.

Figure 7. Second test. Increase of flow
resistance as a function of time and comparison
with a square root increase, see also Figure 6.

During the first 20 hours of the test the flow resistance increased. Remarkably this increase was
more than 3 times faster than in the first test. A reason for this faster increase is not known yet.
However, after approximately 25 hours, the flow resistance started to decrease. This decrease
continued until 75 hours. It appeared that small cracks occurred in the slurry on the sloping
bottom.
After 75 hours of testing, an electrical outboard motor, 600 watts, mounted on a small boat that
floated in the basin was started. This resulted in a lot of turbidity in the water and to a very fast
increase of the flow resistance, which reaches the theoretical line that could be expected if there
should have been a monotonic increase of the flow resistance. However, 10 – 15 hours later, the
flow resistance decreases again. After 150 hour the resistance seems more or less stable at 40 to
60 days.
Figure 10 shows the last phase of the test. The head difference is lowered to 0.5 m after 175
hours and again the turbidity is temporary increased by the outboard motor, just after 178 hours.
This lead again to a sudden increase in flow resistance that decreases slowly when the outboard
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motor is stopped (after 180 hours).

Figure 8. Test 2. Cracks visible at the glass
wall, indicated with arrows after 45 hours of
testing.

Figure 9. Test 2. Cracks extended into the clay,
also indicated with arrows, after 45 hours of
testing.
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Figure 10. Test 2, changes in flow resistance during the last phase of the test with a water level difference
of 0.5 m.

After the test, the water level was decreased. This led to more and larger cracks, probably caused
by instability and consequently some sliding of the slurry layer, see Figure 11. When the
horizontal part of the canal bottom was investigated, 3 distinct layers were found, see Figure 12.
The original sand, which was not penetrated at all by the slurry, the sand from the sand bentonite
mixture mixed with slurry and a layer of bentonite. On the slope this layer of pure bentonite was
only thin (2 cm).
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Figure 11. Test 2. Crack due to instability of the
slurry after lowering of the water level in the
basin.

Figure 12. Test 2, after test. Top view on partly
excavated sand layer with slurry. Three layers at the
horizontal part of the canal bottom: clean sand (top
of picture, lowest layer), sand mixed with bentonite,
bentonite (bottom picture, top layer).

Crack formation

At the moment of writing this paper, it is not clear what causes the cracks in the low permeable
sand-slurry layer. It may be hydraulic fracturing, but can also have a chemical cause, since the
platelet structure of the bentonite depends on the ion concentration of the pore water, Di Emidio
(2010).
The cause of this is very important for the application of the method. Without cracks, it is easy
to reach to the required 60 days flow resistance, with cracks this becomes more difficult.
The reason that cracks have such a significant influence, is the large permeability difference
between the sand and the slurry mixture. A crack in the mixture will result in more or less radial
flow from that crack into the sand. As an approximation pure radial flow is assumed, see Figure
13, which shows a cross section through the basin.

2r0
H

r

dr

D

drainage system
Figure 13. Sketch for flow calculation.

It is assumed that there is one single crack that is present over the full length of the basin (7 m)
and that the permeability of the consolidated slurry is very low compared to the permeability of
the sand and therefore can be neglected. For the radial flow, it can be derived with Darcy’s law:

Q = p krL

df
dr

(2)
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Where Q is the total flow through the crack, k the permeability of the sand r, the radius, see
Figure 13, L the length of the crack and f the hydraulic head. This differential equation can be
easily solved leading to:

Q=

p kLH
ln( R / r0 )

(3)

With r0 is half the width of the crack, H the total hydraulic head over the set-up and R the
maximum radius. This last parameter has to be chosen rather arbitrary, but the choice of this
parameter has only a limited influence on the outcome. Here 1 m is chosen. The average specific
discharge through this system is Q/A, with A the area of the setup, is 7*5.5=38.5 m2. From Eq.
(1) it is known that H/q is the flow resistance (Wr), thus it can be written for the flow resistance
due to radial flow:

Wr = H / q =

ln( R / r0 )
A
p kL

(4)

With this equation the flow resistance can be calculated as a function of the crack width (is
2*ro). The total flow resistance is the resistance due to radial flow and the small flow resistance
of the sand layer itself (Ws), leading to:

Wtot =

ln( R / r0 )
A + Ws
p kL

(5)

The calculation is a bit simplified, using pure radial flow. A more accurate analytical solution is
available, using conformal mapping (Verruijt, 1970). According to this solution, the total flow
resistance is:

æpr ö
D - B / p ln sin ç 0 ÷
è B ø
Wtot =
k

(6)

With B the width of the basin (5.5 m) and D the thickness of the sand layer (approximately 1 m).
Both solutions appear to give very comparable results, see Figure 14.
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Figure 14. Flow resistance of an impermeable layer with a small crack in the model setup.

From Figure 14 it is clear that only a small crack over the full length of the setup in the low
permeable layer is sufficient for a huge reduction in the permeability. With a crack with of 1 mm
the flow resistance is less than 2 days, quite far from the 60 days required.
The very significant calculated reduction of the flow resistance, even for a very small crack
width means that the gradual reduction of the resistance as measured can only occur when the
cracks develop over time in the length direction.
The increase in flow resistance that occurs during the 2nd test after 75 hours, when the turbidity
is increased by the outboard motor (Figure 7), is most likely caused because the fines that are
loosened by the outboard motor fill up the cracks. That, as is also shown in Figure 7, the flow
resistance increases to the level that could have been expected if there had not been crack
formation, means that the low permeable material next to the cracks keeps on consolidating even
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if there are cracks. This is reasonable because, although there are cracks, the difference in
piezometric head over the low permeable consolidating layer remains the same. However, it is
clear that the flow resistance decreases again as soon as the outboard motor stops.
Stability of slurry

The friction angle of bentonite clay is only around 12 degrees. This means that pure bentonite
slurry will not be stable on a slope 1:3, therefore a minimum friction angle of 18.5 degrees is
necessary. As long as there is a head difference over the slurry, this will result in an extra normal
force and the slope is still stable. However, when the water level is lowered, as is done at the end
of the test, the force parallel to the slope increases, because there is no buoyancy force anymore.
While the force perpendicular to the slope decreases since the loading by the head difference
disappeared. This explains the additional cracks due to sliding of the slurry layer that appear in
the slurry when the water level is lowered.
Depending on the situation, this may have practical implications. When a canal bottom is made
impermeable using slurry, it may happen that in situations with a high groundwater level the
stabilizing force is not enough and the slurry starts for slide, leading, as was shown, to a
significant increase in flow resistance.
CONCLUSIONS

Large scale model tests are described to test the increase in flow resistance when a
bentonite/sand mixture is applied. From these tests the following conclusions were possible:
1. The slurry can result is a very significant increase of the flow resistance, the increase with a factor of
500 that was required, can be met. After application of the slurry the flow resistance can increase for
several days.
2. The flow resistance may decrease again due to crack formation in the slurry. Whether cracks occurred,
seems to depend on the way the slurry is applied. However, the relation between the occurrence of cracks
and the application is still unclear.
3. Cracks that go through the slurry up to the clean sand have a huge influence on the flow resistance.
4. When cracks occur, increasing the turbidity, by for example an outboard motor, lead to filling of the
cracks with fine material and consequently to a reduction of the permeability. However, this does not
stop the crack formation, because the flow resistance decreases again when the turbidity reduces then
the outboard motor is stopped.
5. High groundwater levels may lead to instability of a slurry layer.
Further research will focus on the influence of ions on the bentonite, the mechanism leading to crack
formation under water and the friction angle of the sand-slurry mixture for various sand-slurry ratios
and pressures.
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The Iranian national building code related to foundations (i.e. code 7) imposes specific requirements for the footings,
resting on the southern shores of Caspian Sea. In accordance with this code, it is mandatory to optimize the bearing
capacity of the loose sandy soil of the construction sites of this area. Especially when two adjacent footings are
placed near to each other. Notably, the structural behaviors of the two adjacent footings are totally different under
unequal loading conditions. This is of most importance when a new and high-rise building is constructed in adjacent
to an old and low-rise building. Thus, an extra attention should be given to their unequal loading conditions and
different surcharges. Herein, several laboratory experiments were conducted on different sizes of a concrete pedestal
to reinforce the two unequally loaded adjacent footings. To prepare the pedestals, a homogeneous concrete mortar
was poured in molds having different sizes followed by curing them for 28-days at 22°C to achieve the compressive
strength of C35. Then, the prepared pedestals were installed underneath the footing of the high-rise building to
investigate their impacts on the respective bearing capacity, tilt, and settlement of both adjacent footings. The results
demonstrated the positive effect of utilizing the concrete pedestals on the performance of both footings. In addition,
it showed that increasing the pedestal’s depth from 15 to 25 cm, the tilting and settlement of the old and low-rise
building reduced up to 18% and 38%, respectively.
INTRODUCTION
Urban development and lack of suitable land for construction have led the construction sector to replace low rise
buildings (i.e. terraced houses) with the high rise ones (i.e. apartments). It is of great importance when these
apartments are allocated in old neighborhoods and among old terraced houses. To illustrate, in general, apartments
apply extremer loads to their foundations compared with terraced houses. It should also be noted that the foundations’
loads spread laterally into the soil. Therefore, the created lateral loads by the apartments’ foundations inevitably
affect the foundations of the adjacent terraced houses, resulting in the resettlement of them. This damaging effect
could be intensified in the lands with saturated sandy soils possessing high liquefaction potential. So far, several
studies have been conducted on the bearing capacity of two adjacent footings placed either on reinforced or
unreinforced soil. Gupta & Sitharam (2018) studied the relationship between interference and the distance between
the square footings. Accordingly, three different sandy beds such as loose, medium and dense were considered for
the investigation. The study revealed that increasing the gap between the footings decreased the interference.
Precisely, the interference was almost zero when the spacing between the footings were 2 times greater than their
width. The authors referred to ultimate bearing capacity ratio of an interfering footing to that of an isolated footing
as the interference factor. Regarding the type of the sandy bed, the maximum interference factor was 1.25, obtaining
by dense sandy bad. Boufrah et al. (2019) conducted laboratory tests to investigate the performance of the strip
footings placed on a layered sand deposit and close to each other. The authors examined the influences of the
footings’ length, the space between the footings, and the thickness of the first layer of the sand on the efficiency
factor. The results proved that the most dominant factor affecting the efficiency factor was the thickness of the upper
layer.
The current paper aims to investigate different methods to mitigate the potential issues with placing a highly loaded
footing (belonging to an apartment) in adjacent to a lower loaded footing (belonging to a terraced house). To specify,
this paper seeks for solutions to offset the damages associated with the inevitable asymmetric settlements of the two
footings. Accordingly, initially a single isolated footing was loaded to resemble the performance of the footing of
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the terraced house. Then, three small-scale 1g model tests were conducted to recognize the general correlation
between the behavior of the two footings under unequal and separate loading conditions. It is clear that the inequality
and individuality in the loadings is attributed to the difference between the loading of the two footings in reality.
Also, the performance of the single isolated footing was used as the reference model to analyze its performance after
being placed close to the footing of the apartment. The outcomes revealed the interfering effect of the two footings
on their ultimate bearing capacity, settlement, and tilting. Then, to optimize the performance of the footings, the
sandy soils underneath the footings were reinforced with pedestals. Precisely, nine small scales 1g models were
carried out after reinforcing the loose saturated soils with pedestals. To obtain the most optimum reinforcing
condition, the size of the pedestals was varied to find out its correlation with the interfering effect and ultimately its
effects on the bearing capacity, settlement, and tilting of the footings.
SPECIFICATION OF BABOLSAR′S SOIL
The studied sand was collected from Babolsar’s shore beach, featuring a saturated sandy soil. Babolsar with 36.7049°
N latitude and 52.6547° E longitude is a seaside city located in the southern shores of the Caspian Sea in Iran. This
region suffers from three geotechnical hazards, including high seismic potential associated with the Khazar fault,
high groundwater level, and poor graded sand (SP) (Salamatpoor & Salamatpoor (2017), Jafarian et al. (2012)).
So far, Salamatpoor & Salamatpoor (2014) performed triaxial tests under isotropic and anisotropic consolidations to
evaluate the monotonic behavior of Babolsar's sand. In addition, the authors compared the liquefaction potential of
this sand with other thirteen samples concerning the liquefaction shear strength. The results of these studies proved
the susceptibility of Babolsar's sand to strain under monotonic and cyclic loads. Therefore, one of the research gap
that has not been addressed appropriately so far is the high potential of liquefaction in this region associated with the
behavior of shallow foundations under asymmetrical loading. Precisely, in recent decades, population progression in
this region has been leading to the construction of high rise apartments in adjacent to the existing low rise terraced
houses. Thus, this adjacency results in uneven settlements and consequently punching shear failures. Therefore,
reinforcing the sand bed to study the behavior of the two unequally loaded adjacent footings is of great importance
to reduce the possibility of punching shear failures.
LABORATORY TESTS
To optimize the bearing capacity of two adjacent footings under unequal loadings, herein, it is proposed to place
cemental pedestals underneath the footings. The main benefits of this approach are its effectiveness, simplicity, low
cost, and high speed.
To address the aim of this study, initially Babolsar sand was dehydrated in a 110 °C oven for 12 hours to increase
the accuracy of weighing (Salamatpoor & Salamatpoor (2019)). Then, type II portland cement and gravel were added
to the dried sand with a roughly ratio of 1 cement: 2 sand: 3 gravel. Obviously, type II Portland cement was selected
for this study due to its suitability to be exposed to soil/water containing sulphate ions. Precisely, the specified cement
was added to Babolsar sand to obtain a mixture with a compressive strength of 35 (C35). Next, pure water was added
to the mixture, whilst it was being stirred manually and gently for 5 minutes to obtain a homogeneous mortar. With
respect to the Iranian Concrete Code, the ratio of water to cement in all prepared samples was 0.4. After that, the
homogeneous mortar was poured into three cylindrical PVC molds with the length to diameter ratios (L/D) of 3, 4
and 5, as Figure 1 illustrates. The mixtures were left in the molds for 6 hours, and then the prepared samples were
removed from the molds and cured in a water bath for 28 days at 22 °C. Finally, the as prepared samples (i.e. the
concrete pedestals) were placed on the sand field of the test tank without any force or quake, see Figure 1b.
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(a)

(b
)
Concrete
Pedestals

(c)

(d)

Figure 1. (a) Molded concrete in the PVC tubes (b) installation of the concrete pedestals; (c) installation of
the old footing in adjacent to the installed concrete pedestals (reinforced) before inserting the new
footing (d) the small scale 1g model setup and the facilities and instrumentation set on the strip footings.

FABRICATION PROCEDURE
The test tank was composed of steel frames, a transparent tank (as the container), and measuring instruments
(Salamatpoor et al. (2018)). The frame was responsible to hold the loading jack, thus several reinforcing
angle bars were welded to it to avoid any potential displacements. The transparent tank consisted of four
sheets of plexiglass (each 2cm thick) glued to each other with Acrifix 192 Acrylic Adhesive, building the
40cm × 94cm × 94 cm transparent tank. Indeed, the tank was determined to be transparent to make visible
the deformation of the soil underneath the footings. To reinforce the junctions of the transparent tank, a steel
frame embraced the transparent tank at edges.
To increase the accuracy of the tests, the sand was deposited into the tank regarding the sedimentation of
soil in nature. To specify, more than three quarters of the tank (80 cm) was initially filled with de-aired
water. Then, the dried sand was spread gradually into water in equal portions and from 2cm away from
water surface. In fact, this procedure allowed each portion to fully sediment and reach its lowest density.
The height and weight of the soil were constantly controlled over the pouring procedure to maintain the
relative density of 30±2%.
After filling the tank with sand up to the desired height, the as prepared pedestals were placed on the
saturated sand surface. Then, the pedestals were buried in sand up to their top surface via sand raining. After
the placement of the two adjacent footings and prior to each test, the measuring tools such as the load cell
and the gauge were calibrated and dialed respectively to ensure their reliability. It should be reminded that
the footings were arranged in a way to be placed only underneath the highly loaded footing (belonging to
an apartment), but not beneath its adjacent lower loaded footing (belonging to a terraced house).
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TESTING CONDITIONS
As Table 1 illustrates, each test was composed of two stages. The first stage was applying load to the single
footing until the bearing capacity reached the ultimate value, resembling the failure displacement. To put it
another way, 20 % of the footing width and the factor of safety (F.S.) was loaded on the old footing. Then,
in the 2nd stage, the new footing was located on the reinforced sand (by pedestals). It should be noted that
the new footing was being loaded to the point of failure following the strain control manner at different clear
spacing distances (S). Installing the pedestals underneath the new footing resulted in transferring the
additional imparted stress to the deeper soil and decreasing the interfering effect of the new footing on the
old footing.

Table 1. shows the details of the specified tests in this study
No.
1
2
3
4
5
6
7
8
9
10
11
12
13

Test
Series
1
1
1
1
2
2
2
3
3
3
4
4
4

Clear
Spacing (S)
0B
0.3B
1B
0B
0.3B
1B
0B
0.3B
1B
0B
0.3B
1B

Pedestal
(L/D)
3
3
3
4
4
4
5
5
5

Remark
Single footing
Adjacent footings

Adjacent footings with pedestal

B: Width of footing

TEST RESULTS AND DISCUSSIONS
In this paper three parameters such as the ultimate bearing capacity of the new footing, the settlement and
tilt (rotation) of the old footing were investigated before and after reinforcing the soil underneath the new
footing.
The stress-settlement curves of the tests were plotted for a single footing, two adjacent footing without
pedestal and two adjacent footing with pedestal at L to D ratios of 3, 4 and 5 are shown in Figure 2. The
ultimate bearing capacity of the single footing rested on the saturated sand was equal to 0.11 kg/cm2.
Notably, the bearing capacity was defined as the value of the contact stress corresponding to the failure
settlement (20% of the footing width). According to the Figure, all of the stress-settlement curves were
located at the right-side sight of the single footing curve. The ultimate bearing capacity of the new footing
was increased due to the interfering effect of the old footing. For example, when S/B was equal to 0 (i.e.,
two coherent footings without pedestal), the ultimate bearing capacity of the new footing was 2.5 times
greater than that of the isolated footing. It indicates an increase in the bearing capacity due to the presence
of the new footing in adjacent to the old footing. Increasing the installation depth of the pedestals improved
the bearing capacity. To specify, the bearing capacity of each pedestal reached its highest amount at the
highest installation depth of 25cm. As you can see, compared with the single footing, the bearing capacity
of the new footing in adjacent to the old footing increased remarkably by placing the pedestals. Notably,
this enhancement depended on the L/D.
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Bearing stress (kg/cm2)
0

0.1

0.2

0.3

0.4

0.5

0.6

0.7

0
Single footing

Foundation settlement (cm)

Adjacent footings

0.2

L/D=3
L/D=4
L/D=5

0.4

S=0B

0.6

0.8

1

1.2

Figure 2. Stress-strain curves of reinforced soil by pedestals with different depth of pedestals at S/B=0
Figure 3 shows the stress-strain curves of the reinforced soil by pedestals at S/B=0, 0.3 and 1 when L/D was
equal to 3. As can be seen, using the pedestals significantly increased the bearing capacity of the reinforced
new footing compared to that of the unreinforced condition.
The bearing capacity of the reinforced new footing to the unreinforced one increased by 4.16, 2.586, and
1.7 times in the S/B ratios of 0, 0.3, and 1, respectively. This demonstrates the superiority of the former to
the latter regarding greater bearing capacity and lower settlement. Notably, increasing the space between
the two adjacent footings decreased the bearing capacity of the reinforced high rise buildings by pedestals.
This could be attributed to the reduction in the interference of the stress bubble underneath the footings.

263

Bearing stress (kg/cm2)
0

0.1

0.2

0.3

0.4

0.5

0
Single footing

Foundation settlement (cm)

S=0B

0.2

S=0.3B
S=B
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0.6

0.8

1

1.2
Figure 3. Stress-strain curves of the reinforced soil by pedestals at S/B=0, 0.3 and 1 in the case of
L/D=3.

INTERFERENCE EFFECTS ONBEARING CAPACITY, SETTELMENT AND TILT
To study the effect of the pedestals size on the bearing capacity and settlement of the footings, the nondimensional parameters were defined as follow:

Where (qu-p)new new was the ultimate bearing capacity of the stabilized new footing in adjacent to the old
footing. Also (∆p)old was the settlement of the stabilized old footing at the desired safety factor and in
presence of the new footing. The qu(single) and ∆(single) were the ultimate bearing capacity of the isolated old
footing at failure at the desired safety factor and the settlement of the old isolated footing at failure in the
desired safety factor, respectively. Also D was the difference in the settlement (mm) of the old footing and
q was the tilting of the old footing (degree).
As Figure 4 illustrates, placing the pedestals with the L/D ratios of 3,4, and 5 under the new footing increased
the (IFB)new value by 6.47, 7.27, and 7.92 times compared with that of the unreinforced footing. In addition,
increasing the space between the two footings reduced the (IFB)new value. To put it another word, the
divergence of the data was greater at the S/B ratios of 0 compared with that of 1. As a result, decreasing
the space between the two footings increased the bearing capacity due to the greater interference of the
stress bubble underneath the footings.
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9
L/D=3

8

L/D=4

(IFB)new

7

L/D=5
Without pedestal

6
5

4
3
2
R² = 1

1
0

0
-0.2

0

0.2

0.4

0.6

0.8

1

1.2

S/B
Figure 4. (IFB)new for different S/B ratios by pedestals at considered pedestal depths
Figure 5 illustrates changes in the (IFs)old value under different S/B ratios and pedestals’ length (i.e. L). As
it can be seen, placing pedestals with L/D ratios of 3,4, and 5 underneath the footings of the high rise
buildings having S/B ratio of 0 reduced the (IFs)old value from 1.62 belonging to the unreinforced footings
to 1.26, 1.23, and 1.21, respectively. To put it another way, using pedestals to reinforce the soil underneath
the new footings reduced the settlement rate of the unreinforced old footings by 29%, 32%, and 34%,
respectively. This reduction was remarkably considerable for the adjacency of old footings to the new
footings.
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0
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0.4
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Figure 5. (IFs)old for different S/B ratios with pedestals at considered depths
Since applying the pedestals reduced the settlement of the old footing but increased its bearing capacity,
these interactions extremely impacted on its tilting rate. To put it another word, applying pedestals
underneath the new footings significantly reduced the tilting of the adjacent old footings. Table 2 shows all
the recorded data in the experiments, and obviously increasing the pedestals’ length reduced the tilting rate
even further.
Samples
S/B
L/D
(IFB)new
1
0
3.855
2
0.3
2.735
3
1
1.758
4
0
3
6.475
5
0.3
3
4.021
6
1
3
2.426
7
0
4
7.271
8
0.3
4
4.438
9
1
4
2.624
10
0
5
7.919
11
0.3
5
4.84
12
1
5
2.866
D: Old footings differential settlement (mm)
q: Tilt of the old footing (degree)

(IFS)old
1.619
1.343
1.12
1.258
1.153
1.074
1.233
1.141
1.071
1.218
1.133
1.07

D
3.5
2.01
0.65
1.46
0.9
0.4
1.316
0.828
0.388
1.233
0.778
0.378

q
0.6856
0.45504
0.22465
0.11459
0.08766
0.06075
0.09918
0.07482
0.054
0.08322
0.06612
0.0492

266

CONCLUSIONS
In this study, 12 individual small scale 1g model tests were carried out concerning the reinforcement of the
new footing by 3 pedestals, having a specified diameter and depths. Accordingly, the following results were
derived:
1. Pedestals at different depths remarkably decreased the interference effects of the two adjacent
unequally loaded footings on each other.
2. By placing pedestals at the depths of 15, 20 and 25 cm, the bearing capacity of the new footing at
the S/B ratio of 0 increased 6.47, 7.27, 7.92 times compared with that of the single footing,
respectively.
3. Installing the pedestals at the depth of 15, 20, 25 cm decreased the settlement of the old footing by
29%, 32%, and 34% compared with that of the unreinforced condition, respectively.
4. Under the reinforced condition at the S/B ratio of 0, using the 3 pedestals at the depth of 15, 20, 25
cm decreased the tilting value of the old footing by 6, 6.9, 8.25 times.
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The objective of the present study is to understand the deformation behaviour of polymer-blended
bentonite sand barrier (PBS) and Clay barriers of landfill covers subjected to continuous differential
settlements through centrifuge model tests. A motor-based differential settlement simulator
(MDSS) was used to induce differential settlements to the barrier layers during centrifuge tests
performed at 20g using the 4.5 m radius beam centrifuge at the Indian Institute of Technology
Bombay. Centrifuge model tests on polymer-blended bentonite sand barrier of 100 mm thickness
and clay barrier of 600 mm thick with an overburden equivalent to that of landfill covers. Limiting
settlement ratio (i.e. settlement ratio at the onset of water breakthrough of the hydraulic barrier) of
0.6 was registered for 0.6 m thick CCL and found to experience full-depth cracking at the zone of
maximum curvature. Contrary to this, the PBS barrier has experienced neither visible distress nor a
significant increase in infiltration rate even after inducing a maximumsettlement ratio of 1. The
ability of the PBS barrier to withstand differential settlements without losing its hydraulic integrity
was found to be superior to that of CCLs.
INTRODUCTION
In landfills, the waste is contained by a barrier system to isolate the landfill contents from the
environment. Hence the performance of waste containment systems relies on these impervious
engineered barriers. Among the impermeable barriers, compacted clay barriers (CCB) are
commonly used wherever the low permeable soils are readily available. The integrity of clay
barriers (especially in landfill covers) with respect to their permeability and tensile cracking is very
important to prevent an environmental hazard. Tensile cracks are common in a CCB, and canbe due
to bending of soil layers due to differential settlement and desiccation and shrinkage due tomoisture
fluctuations. Clays are an important component of any geotechnical barrier system due totheir low
hydraulic conductivity (Nahlawi and Kodikara 2006; Costa et al. 2013; Tang et al. 2021). In
addition to tension cracks due to bending, most clays are also extremely sensitive to seasonal
moisture fluctuations and undergo hysteresis of expansion and shrinkage, leading to cracking. The
desiccation cracking of clays with or without tension cracks due to bending alters the containment
efficiency of landfill covers. When the induced tensile stress and strain become excessive of the
tensile strength and strain capability of the barrier material, tensile (i.e. clay) cracks are formed;
and can compromise the sealing efficiency of the CCB very lower order of differential settlements
(Viswanadham and Rajesh, 2009). In such situations, several researchers concentrated on develop
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-ing barriers by blending sand with bentonite and they are called as sand- bentonite barriers. In the
recent past, polymer-blended bentonite sand barriers are evolving as barrier materials and are found
to be very efficient. Polymer-blended bentonite sand (PBS)barriersare generally found to have a
thickness of 70 mm to 100 mm against 600 mm to 1000 mm CCB- based landfill covers. Figure 1
shows a view of a compacted PBS based barrier at a landfill site for cover. In Figure 1a, a thickness
of 70 mm can be noted for the compacted PBS barrier and Figure 1b shows how sticky the PBS
material is when it is taken in the hand. The grey colour portion of the layer below is the drainage
layer, which is formed with the compacted incinerated municipal solidwaste (MSW) ash.

Figure 1. View of compacted PBS barrier during the landfill cover installation: a) PBS barrier b)
Close look of PBS barrier material (Photo by: Viswanadham, 2010)
CENTRIFUGE MODELLING CONSIDERATIONS
Centrifuge-based physical modelling technique was selected owing to the high cost and time
consumed in conducting full-scale tests and reduced stress levels associated with scaled-down
physical models at normal gravity. In a centrifuge, the body forces of model geomaterials are
increased by inducing centripetal acceleration N times that of earth’s gravity (g). This results in
replication of identical stresses-strain conditions at homologous points in the full-scale prototype
and the 1Nth scaled centrifuge model. Centrifuge modelling allows the increase of self-weight by
increasing gravitational acceleration, which is equal to the reduction of the model scale and the
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reduction of time for model tests as the scale is reduced (Schofield 1980). The centrifuge modelling
technique can be used to study the response of impervious barriers of landfill covers subjected to
continuous differential settlements created artificially in the centrifuge because the deformation and
the cracking of the clay barrier are highly influenced by the presence of prototypestress conditions.
In the present study, results of 1∶20 scale centrifuge model tests conducted by using a 4.5 m radius
large beam centrifuge having a capacity of 2500 g-kN available at the Indian Institute of
Technology Bombay are reported. Scale factor N = 20 was selected considering the feasibility of
modelling CCB and PBS during centrifuge model tests. Centrifuge model tests on PBS barrier of
100 mm thickness and clay barrier of 600 mm thick (both in prototype dimensions) with an
overburden equivalent to that of landfill covers were discussed. With the help of an onboard central
processing unit (CPU) and other embedded signal conditioning and filter cards available atthe beam
centrifuge facility, data were acquired continuously. The onboard CPU placed on the swing basket
was accessed through a Local Area Network (LAN) connection running through slip rings to the
control room situated outside the centrifuge chamber.
As reported by Divya et al. 2017, several researchers studied the differential settlement behaviour
of impermeable barriers by full-scale testing, reduced-scale testing and by employing various
numerical modelling schemes. Distortion level, a/l is defined as the ratio of settlement a to the
influence length l within which differential settlements of landfill covers take place (length over
which settlement value cease to zero). Qian et al. (2002) considered differential settlements of
landfill covers as large craters to localized depressions. Large craters having a distortion level of
0.167 resulted in a maximum strain of about 1.8% in landfill covers. In comparison, a typical local
depression having a distortion level of 0.27 resulted in a maximum strain of about 4.5%. Figure 2
shows a schematic of the non-uniformly deformed barrier having an overburden equivalent to that
of landfill covers. As can be noted, in the case of PBS barrier, based on scaling considerations in
the centrifuge modelling, the thickness of PBS barrier material was modelled as 5 mm thick and,
whereas the thickness of compacted clay barrier is modelled as 30 mm thick. The maximum central
settlement amax simulated for both the cases is 25 mm in model dimensions at 20 gravities.

Figure 2. Schematic of the non-uniformly deformed barrier of landfill cover at 20
gravities(all dimensions are in m)
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MATERIALS USED IN THE PRESENT STUDY
Model clay barrier material
Out of the various blends of commercially available kaolin and locally available sand tried, a blend
of kaolin and sand in the ratio of 4:1 (i.e. 80:20) by dry weight was selected as an ideal clay barrier
material since it was found to represent a bandwidth of properties of fine-grained soils used in clay
barriers of landfill covers, according to Benson et al. (1999) and is referred in the present study as
a clay barrier material.
The liquid limit and plasticity index of clay barrier material is found to be 38% and 16%. The
maximum dry unit weight, gd,max and optimum moisture content (OMC) are 15.9 kN/m3 and 22%
(according to standard Proctor compaction). The coefficient of permeability obtained through
falling head permeability test conducted on clay barrier material moist compacted at gd, and (OMC
+5) is 4.2 x 10-9 m/s and drained shear strength parameters of clay barrier material obtained through
CU triaxial tests are c¢= 18 kN/m2 and f¢= 27° respectively.
Model PBS material
Polymer-blended sand material (PBS) is a blend of four different materials, namely i) sand
(percentage fines in the range of 10% - 15%), average particle size d50 in the range of 0.15 – 0.7
mm), ii) bentonite (Na-montmorillonite content shall have to be greater than or equal to 70% by
dry weight; swell capacity shall have to be greater than or equal to 25 ml/2g; etc.), iii) the polymer
is exclusively developed for Trisoplast® mineral barrier. The polymer shall have to be 2% by dry
weight of bentonite. In the PBS material, bentonite content is in the range of 10.7% to 14%. The
liquid limit and plasticity index of PBS barrier material is found to be 73% and 19%. The maximum
dry unit weight, gd,max and optimum moisture content (OMC) are 18 kN/m3 and 11.4% (according
to standard Proctor compaction). The coefficient of permeability obtained PBS barrier material
moist compacted at gd,max and (OMC) is 2.3 x 10-10 m/s and drained shear strength parameters of
clay barrier material obtained through CU triaxial tests are c¢= 10 kN/m2 and f¢= 30°respectively
(Naismith et al. 2011).
Coarse and fine sand layer materials
In the present study, two types of sand layers were used. One is a fine sand layer, which is right
below the model barrier material and the other one is a coarse sand layer. To reduce the scale effect
due to particle size, oven-dried and then air-dried sand was sieved through a 425 microns sieve and
used for subsequent investigations Both fine and coarse sand layers are classified as SP according
to the Unified Soil Classification System (USCS).
CENTRIFUGE MODEL TEST PACKAGE
A strong box to form a plan area of 720 mm in length and 360 mm in breadth (model dimensions)
was used to conduct centrifuge model tests at 20 g. It is equivalent to 104 m2 of landfill area (in
prototype dimensions at 20 gravities). A motor-based differential settlement simulator (MDSS) was
used to induce the differential settlements. It comprises a motor with a controller, a screw jack,
central platform, side boxes, hinged flaps, a series of gears, several shafts, and bearings. Details of
the MDSS are discussed by Rajesh and Viswanadham (2010).
Figure 3 shows the details of the model test package (along with the model barrier made of kaolin
and sand) mounted on the swing basket. With the help of the controller, the motor of MDSS can be

271

rotated at a particular speed. It makes the screw jack to rotate with the help of gear trains. The screw
jack is connected to the central platform (restrained to rotation) which lowers with a suitable
settlement rate, rotates the hinged flap and induces continuous differential settlements. Firstly, the
central plate along with hinges was made horizontal. Afterwards, a coarse sand layer of 30 mm
thickness was placed and a 30 mm thick fine sand layer was placed. These layers are placed to
avoid stress concentration and to induce a smooth continuous differential settlement to the barrier
being tested. After saturating and draining for about 12 hours, the placement of the barrier layer
commenced. In the case of CCB, the soil was moist-compacted at gd and OMC+5 to form a 30 mm
(in model dimensions) thick barrier layer. Whereas for the PBS barrier, it was moist-compacted at
gd,max and OMC to form a 5 mm thick barrier layer (in model dimensions). To give confinement to
the thin PBS barrier and to place overburden equivalent to that of 15 kPa (achieved through a sand
layer and 10 mm freestanding water), a kaolin clay bund reinforced with 0.5% polyester fibres was
provided with all around.

Figure 3. View of PBS liner model mounted on the swing basket [Model: C2]
Before placing the overburden, five (5) number of pore pressure transducers (PPTs) were placed
from the centre-line of the barrier and to record surface settlements, linearly variable differential
transformers (LVDTs) were placed (as shown in Figure 3). In addition, to perform digital image
analysis of photographs captured during various settlement stages during centrifuge test, plastic
markers were embedded along the top surface of the barrier towards the Perspex sheet (Figure 3).
Subsequently, after achieving 20g, a waiting period of 10 minutes was maintained. Thereafter, the
motor of MDSS was activated such that settlements occur at 1 mm/min (in model dimensions). To
measure, settlement of the central plate, another LVDT was placed. Figure 4 shows a variation of
measured settlements with time during the centrifuge test. As can be noted, L1 placed at the centreline of the barrier and L8 paced on the rear side of the central plate measured maximum central
settlement, amax = 25 mm (model dimensions). This shows the efficacy of the MDSS used in the
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present study. Figure 5 shows a variation of measured PWP with PPTs placed on the surfaceof a
barrier for model C1 [with 600 mm thick compacted clay barrier]. As can be noted, once after
attaining limiting distortion level, alim/l (which is defined as the central settlement divided by
horizontal influence length i.e. considered as 200 mm in model dimensions) at which sudden
breakthrough of water placed on the surface of the barrier was observed. It is to be noted that PPT1
is at the centre of the barrier.

Figure 4. Variation of settlements measured with time during centrifuge test at 20g [Model: C2]

Figure 5. Variation of measured PWP with time during centrifuge test at 20g [Model: C1]
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Figure 6 shows a front elevation of photographs captured with the help of an onboard camera placed
in front of the model (Figure 3). Considering symmetry, only the right-hand portion of the barrier
was photographed during centrifuge tests. As shown in Figure 6a, a yellow colour broken line
indicates the zone of maximum curvature. Values of central settlements in prototype dimensions
are given within parentheses. These photographs were further analysed to compute strains along
the outer surface of the barrier layer using beam bending theory (Viswanadham and Rajesh, 2009).

Figure 6. Front elevation of PBS liner subjected to
continuous differential settlements at 20g [Model C2]
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Table 1 presents details of centrifuge tests on two different types of barriers tested with identical
boundary conditions in a centrifuge. As can be noted that, a compacted clay barrier of 600 mm
thick was found to experience an alim/l = 0.18 (which is approx. equal to a/amax = 0.75), the barrier
was found to lose its sealing efficiency completely. This is attributed to the formation of wide and
deep cracks at the zone of maximum curvature. In comparison, the PBS barrier with 100 mm
thickness was found to be intact has not experienced any loss of water stored on the top of the
barrier. This is attributed to polymer blended bentonite forms jel type inter structures within the
voids of the sand and they were found to be even intact at the zone of maximum curvature. This
shows the efficacy of the PBS barrier in ensuring sealing efficiency even after being subjected to
continuous differential settlements with a maximum central settlement amax = 0.5 m (a/l = 0.125).
Figure 7 shows the details of the barriers tested in centrifuge tests C1 and C2.
Table 1 Summary of centrifuge test results
Parameters

C1 Test legend

a

a

C2
a

Thickness of barrier (mm)
30 [600]
5 [100]
Overburden s0 (kPa)
15
15
c
Limiting distortion level, alim/l
0.1
0.125
Cracking pattern
Single
Negligible
Norm. crack width, cw/d
0.016
0
Norm. crack depth, dc/d
1
0.0001
b
Infiltration ratio at a/l = 0.125
0.18
0.0001
Outer fiber strain, εof at alim/l (%)
2
0.8
C1- Centrifuge test with Compacted clay barrier; C2 – Centrifuge test with Polymer
bentonite sand barrier; aprototype dimensions within the parenthesis; bRatio of
numerical difference between initial volume of water v0 and volume of water at any
instance
va to the initial volume of water v0 is defined as the infiltration ratio,
IFR;camax/l (Maximum distortion level induced)

a) Model: C1

b) Model: C2

Figure 7. View of tested CCB and PBS (at the zone of maximum curvature) during post-test
investigations
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CONCLUSIONS
Based on the analysis and interpretation of centrifuge model test results, the following conclusions
can be drawn:
a)

A compacted clay barrier made out of soil representing bandwidth of soils used for barrier
construction with 0.6 m thick and with an overburden equivalent to 15 kPa was found to
lose its water tightness and integrity at a central settlement of 0.4 m (i.e. limitingdistortion
level of 0.1). The tensile strain at the onset of water breakthrough is 2 % and found to
experience tension crack extending up to its entire thickness.

b)

In comparison, a polymer bentonite enhanced sand barrier with 0.1 m thick and with an
overburden equivalent to that of landfill covers (i.e., 15 kPa) was found to retain its
integrity and water tightness even after inducing a maximum central settlement of 0.5 m
(i.e. amax/l = 0.125). The tensile strain at the onset of limiting distortion level, alim/l = 0.1
is only 0.8%. This implies that the polymer presence along with the bentonite has a
significant influence in restraining cracking and retaining sealing efficiency at the onset
of continuous differential settlements.

Further studies are warranted to understand the effect of moulding water content on the response
of PBS barriers along with the determination of tensile strength-strain characteristics of PBS
material.
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